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1. DESCRIPTION OF THE PROBLEM AND SCOPE

During the last few winters there have been heavy
rainfalls in Southern California and many landslides have
occurred, especially in the Rancho Bernardo-Poway Province
and Santee-Fletcher Hills Province. The dominant formation
within which most of the slides have occurred is the Friars
Formation (refer to geologic description). Many of these
were construction slides, while others occurred in older
slopes which at the time were considered to be safe. One
thing that drew the attention of the engineers was the fact
that the back-calculated soil strengths were found fo be
lower (sometimes considerably lower) than the strengths
that had originally been measured in the laboratory and
which had been used for the design of the slopes.

-Subsequent investigations revealed the "bedding plane
faults" (remclded clay seams along the bedding planes; refer
to the geologic description of the Friars Formation) as the
source of many landslides. The "bedding plane faults" are
usually dipping from C° to 10°, but the strenath of the
remolded clay along the contact has been found to be as
low as the residual strength so that sliding can easily
occur along these planes. However, slides have also oc-
curred within the claystone beds of this formation, in
places where no "bedding plane faults" seemed to exist.

Even in these cases, the back-calculated strengths were



again found to be lower than the ones measured in the
laboratory.

There are a few things that should be mentioned here,
the importance of which will become evident later. First,
the ground water table is normally very deep. However,
in periods of heavy rainfalls it rises to véry shallow
depths. 1In addition, the majority of the landslides have
occurred during the rainy periods. Second, in designing
the slopes in the Friars Formation, the effect of surface
cracks and fissures, which extend to a depth of a few feet
and which are filled with water during the rainy periods,
has not generally been taken into account. Finally, the
claystone is in general highly fissured, at least down to
the depth that excavations are normally made.

It was decided by the engineers designing the slopes
that the residual strength would be the appropriate design
strength in places where "bedding plane faults" were found
to exist. However, there were several problems associated
with such a decision. First, the "bedding plane faults"
were difficult to locate in many cases (at least before a
slide had occurred), as was the depfh to which they extended
laterally behind the slope. Second, even if a "bedding
plane fault" were located behind a slope, an efficient, re-
liable and economic laboratory test would have to be found
for the determination of the residual strength.

It should be pointed out here that the determination



of the residual strength would be a useful thing to do even
if no "bedding plane faults" existed, since that strength
could be used as a lower limit for design purposes and also
as the strength to be considered for the stability 6f slopes
where previous slides or large ground movements had occurred.
However, the use of the residual strength for design would
be rather conservative in places where no "bedding plane
faults" existed. Hence, the question that still remained
unanswered was what should be the design strength in places
where no "bedding plane faults" existed and how could this
strength be measured in the laboratory.
This being the situation, the scope of this project
is:
—Examine an alternative approach to laboratory test-
ing and analysis for slope stability prcblems other
than the conventional one. This alternative approach
should more closely approximate the field conditions
and could probably lead to some useful conclusions
about the stability of cuts in highly overconsolidated
stiff, fissured clays and shales, in general, and in
the Friars Formation in particnlar.
—Investigate the problem of the long-term sﬁability
of cuts in stiff, fissured clays and shales, with
special reference to the operative strength of such
soils for first-time slides. Also investigate what

is the mechanism of the development of such a strength.



—Find an efficient, economic and reliable laboratory
test to determine the residual strength of a soil;
determine the residual strength of samples from the

Friars Formation.

In the following sections information from previous
investigations of the Friars Formation is first presented,
along with other work pertinent to an understanding of the
stability of cuts and slopes in highly overconsclidated
stiff, fissured clays and shales. Then some basic concepts
which are used extensively in the present work are discussed.
From these concepts a theoretical and experimental approach
to the present problem is developed. Finally, the results
of the investigation are presented and discussed, and sev-

eral significant conclusions are drawn.



2. FRIARS FORMATION

2.1 General Information and Geologic Description

The Friars Formation extends over a significant area
of the northern and eastern portions of the city of San
Diego and the adjoining communities. The study area is
situated within the erosional surface known as the "Area
of High Terraces," extending from E1l Cajon to Escondido.
It is estimated that 15,700 acres of land is affected by
this formation and that approximately 40% of this area has
been developed to date. The topography is generally one
of rolling hills and requires significant cutting and fill-
ing to develop. The main areas of slope stability problems
are the Rancho Bernardo-Poway and Santee-Fletcher Hills
(E1 Cajon) Provinces.

The Rancho Bernardo-Poway Province and the Santee-
Fletcher Hills Province have a common geology and geomor-
phology, and hence, type, cause, general appearance, and
age of landsliding. 1In brief, the area is underlain by
the esgentially flat-lying Middle to Late Eocene Friars
Formation and Stadium Conglomerate. Extensive folding
has occurred within the general Friars Formation area,
but tight folds and other related sitructures common to
thicker sedimentary basins in Southern California are
absent.

In the landslide areas, the Friars Formation 1is



composed of thin to massive beds of brown, red, and green
mudstones and claystones, alternating with fine to medium
grained sandstones. This formation typically makes up the
lower slopes of canyon walls, while the overlying Stadium
Conglomerate occupies the upper slopes. The Stadium Con-
glomerate consists of a massive cobble conglomerate with

a dark-yellowish-brown, coarse-grained sandstone matrix.
The conglomerate contains dispersed lenses of fossiliferous
crossbedded sandstone.

Most landslides are initiated at or near the contact
between conglomerate and mudstone or claystone formations
as a result of erosional oversteeping created by the more
resistant nature of the Stadium Conglomerate. The rupture
typically occurs within a claystone bed or along a sloping
interbed contact. It has also been suggested (Pickney and
Lee) that "bedding plane faults" may have a significant in-
fluence on landslides, as they constitute planes of weakness
within the formation along which sliding can easily occur.

The "bedding plane faults" are remolded seams of clay
occurring along bedding planes throughout the'sedimentary
formations in the San Diego area. They typically range from
a fraction of an incp to seyeral inches in thickness and
they generally consist of firm to stiff fine sandy to silty
clay with water contents at or near the plastic limit. The

remolded clay seams are generally found within the more



argillaqeous sections where there has been extensive fault-
ing and folding and at the contact between a relatively weak
clay bed and an overlying stronger material in areas of
relatively nominal flexing. The frequency of occurrence

of remolded clayey seams along the bedding appears to be
related to the intensity of folding or faulting within the
general area. Laboratory tests on samples from "bedding
plane faults" have been performed by Woodward-Clyde Consul-
tants, San Diego and the results indicate low values of
strength, namely close to the residual strength. The photo-
graphs in Fig. 2.1.1 and.2.l.2 show a slide in the Friars

v

Formation and an exposure of a "bedding plane fault;"‘

2.2 Previous Investigations in the Friars Formation

There have been several investigations made in Friars
Formation recently, both by geotechnical firms and researchers.
One of the most significant investigations has been done by
C. J. Pinckney and L. J. Lee.of Woodward-Clyde Consultants,
who have tried to determine the influencer of "bedding plane
faults" on the stability of natural slopes and cuts in the Friars
Formation. Their conclusion is that "bedding plane faults"
are responsible for most of the slides occurring in the Friars
Formation. In addition, "bedding plane faults" form a pre-
determined failure plane, along which sliding is most likely
to occur. Their investigation has revealed that the fre-

quency of occurrence of "bedding plane faults" varies from



Fig. 2.1.2 Exposure of a "bedding plane fault."



place to place and as it was mentioned in the previous
section, it seems to be related to the intensity of fold-
ing or faulting within the general area. For example,

in the Ardath Formation in the Mountain Soledad area,

west of the Rose Canyon fault, it is not uncommon to find

3 to 6 clay seams within a particular 100-foot stratigraphic
section. In the eastern portion of the area, for example
in the Friars Formation near Fletcher Hills, it is rare

to encounter more than two seams within‘any 100-foot in-
terval. The lateral extent of the clay seams is difficult
to determine. Pickney and Lee, however, report that par-
ticular seams or series of seams have been followed con-
tinucusly for several thousand feet. In other areas, by
utilizing lithologic correlations, they have identified
clay seams on either side of some of the larger canyons in
the Clairmont and Encinitas areas. Pickney and Lee have
performed laboratory tests on numerous samples of clay
seams from various depths within the sedimentary formations
throughout the county, and their results indicate that
these seams have typically low strength, which is equal

or near to the residual strength of the intact claystone.
Measured values of residual friction angle range from ap-
proximately 6° to 15°. These values appear to be consistent
with field observaticns where strengths have been back-

figured for cases where actual movements have been observed.
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Another investigation, by Woodward-Clyde Consultants,
was initiated in 1978 in the Friars Formation. Their studies
also show that the "bedding plane faults" are responsible,
in most cases, for the landslides (see also Fig. 2.2.1),
while in some cases there have been landsiides within the
intact formation. Their analyseés show that the claystone
is mainly composed of montmorillonite and kaolinite.
Summarized results of their classificaticn tests are shown
in Fig. 2.2.2 (grain size distribution curves) and Fig. 2.2.3
(Atterberg limits and indices). Typical strength data from
a number of tests performed on the various soil types com-
prising the Friars Formation are shown in Table 2.2.1.

Among cther things, they have tried to determine the residual
strength of the Friars Formation claystone and of the "bed-
ding plane faunlt" material, by using the multiple reversal
direct shear tests. The number of reversals they have used
in these tests is 6 to 8, and the values of residual fric-
tion angle they have obtained rénge from 6° to 10°.

While the above investigation was still in progress,

a compositional analysis on samples from the Friars For-
mation was carried out at the University of California,
Berkeley, during the Fall of 1978, by Caldwell, Deere,
Lawton and Platis, in an effort to supplement the above
laboratory test data and to also relate the strength and

deformation behavior of the soils comprising the Friars
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Table 2.2.1
Typical Strength Data from the Friars Formation

(from Woodward-Clyde Consultants, San Diego, 1978)

' Unit Weight Angle of Friction Cohesion
Soil Type (pcf) ¢ (degrees) c (psf)
5
Undisturbed Formational 125 31 300
{Clayey Sandstone) .
Recompacted Fill (SC-CC) 125 27 600
Fractured Formational . ' 12¢ 24 0

(Claystcne)

Residual Slide Plane (CH) 125 10 100



Table 2.2.2

A Summary of a Compositional Analysis

15

on Samples from Friars Formation and Ardath Shale

% Sodium

(from Caldwell, Deere, Lawton, Platis, 1978)

Sample Fault Graben Clide Ardath

Material Material Plane Shale
Qlay Minerals Smectite Smectite Smectite smectite
in Order of = Kaolinte Kaolinite Mix=layered Illite
Abundance I1lite I1llite raclinite
Ngn—clay ' Quartz Feldspar Quartz cuartz
Minerals and Feldspar Quartz . Feldspar icldspar
cther Consti- Calcite Organics Orgpanics 7 Urganics
tuents in Or- Mica '
der of Abun~ Organics
dance
Ligquid Limit 60 61 T a0
Plastic Limit 32 38 5 32
PI 23 2% 52 A7
Activity 1.2 0.6 1.1 C.7
% Clay Size 28% 4656 5375 710
pH 7.9 7.5 s 6.8
'TDS gm.salt 0.00083 0.011 0.0029 0.004

gm. soil
719 67% 10075 717
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Formation to their mineral composition and pore water
chemistry (a summary of the results of this compositional
analysis is presented in Table 2.2.2).

During the early part of 1979, a series of in situ
direct shear tests was carried out by the California State
University, Long Beach (under the direction of Professor
B. Yen) on an exposure of the Friars Formation at Rancho
Bernardo, in order to determine the peak and residual
strength characteristics of the fissured claystone. Two
of these tests were also attended by the writer and an un-
disturbed box sample was obtained from that same area to-
gether with some bag samples for later testing. The loca-
tion which the box sample was obtained from is schematically
sho&n in Fig.'2.2.4. Two interesting features of these
field tests were the use of an accoustic emission sensor
and of a microwave moisture meter. The accoustic emission
sensor was used in order to correlate accoustic emission
intensity to stress level around the failure plane. The
microwave moisture meter was used for measuring the relative
moisture of the soil close to the failure plane. Fig. 2.2.5
(é) and (b) shows a schematic design of the shear testing
set up and it also schematically shows the kinds of measure-
ments that were made during the tests. Unfortunately, the
results of these tests were not available at the time this

report was written.
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2.3 Summary

The Friars Formation consists of alternating beds of
claystones and sandstones. Most of the landslides in the
Friars Formation are initiated at or near the contact
- between conglomerate and claystone beds.. The rupture
typically occurs within a claystone bed or along a sloping
interbed contact. "Bedding plane faults" are believed to
be responsible for the majority of the landslides in the
Friars Formation. The strength along these weakness planes
has been measured to be as low as the residual.

Other investigations that have been previously con-
ducted at the Friars Formation are:

—By Pickney and Lee, who examined the importance

of the "bedding plane faults" in the evaluation of

laﬁdslides in the Friars Formation.

—By Woodward-Clyde Consultants, who determined

classification and strength parameters for the

soils comprising the Friars Formation.

—By Caldwell, Deere, Lawton and Platis, who per-

formed compcsitional analyses on samples from the

Friars Formation and Ardath Shale.

—By B. Yen of the California State University,

Long Beach, who performed in situ, drained direct

shear tests for the determination of the peak and

residual strengths of the Friars Formation clay-

stone.
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3. THE LONG-TERM STABILITY OF SLOPES IN STIFF, FISSURED

CLAYS AND SHALES

3.1 General
The problem of the stability of slopes in stiff,

fissured clays and shales has been a subject of extensive
research and discussion for many years because in many
respects, the behavior of this class of soils is very dif-
ficult to predict. One of the very important questions
usually raised by the design engineer, and one that is
difficult to answer, is what strength parameters should

be used for design in these materials. Except for places
where extensive research has been done in the past or
there is extensive local experience with a particular soil
(as for example the London clay), for which practical de-
sign parameters have been established, there is really no
general approach to the problem of directly measuring oxr
even indirectly obtaining, with some degree of accuracy,
_the parameters that should be used for design. An engineer
can only establish upper and lower bounds for the strength
parameters as for example the peak and residual strengths,
which can be measured with a fair degree of accuracy in
the laboratory and which will be defined and discussed

in sections 3.2 and 3.3. He must then take into account
the degree of fissuring and jointing of the clay, the pre-

sence of pre-existing shear zones (as for example tectonic
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shear zones or cld landslides), the presence of surface
cracks, the ground water conditions, the degree of strength
anisotropy of the clay, the stress-strain behavior and
swelling characteristics of the clay and, based on empirical
correlations and cn his engineering judgment, he can estab-
lish approximate strength parameters for design. The rea-
sons that such difficulties exist in determining the oper-
ative strength in stiff, fissured clays and shales are:
—It is very difficult to quantitatively determine
how large is the effect of all the aforementioned
factors on the stress-strain-strength behavior of
stiff, fissured clays and shales.
—Progressive failure is believed to cause a sig-
nificant lowering in strength of stiff, fissured
clays and shales. However, at the moment, there
is no analytical approach which can take progressive
failure fully into account. The only analysis which
may make some consideration of the progressive fail-
ure mechanism is based on the method of finite ele-
ments applied to a strain-softening material (i.e.,
a material whose strength decreases with increasing
strain, after the peak strength has been reached)
(Lo and Lee, 1973). We will define progressive
failure and discuss the subject in more detail in

Section 3.4.



Chapter 2 will be closed with what Skempton (1970,
1977, 1978) has called "fully softened strength" (Section
3.5) and which he has determined to be the operative
strength for first-time slides in stiff, fissured clays

and shales.

3.2 Peak Strength of Stiff, Fissured Clays and Shales

The peak strength of the stiff, fissured clays and
shales is a parameter which depends on many factors and
which can vary, for the same soil, over a wide range.

Such factors are:

—Degree of overconsolidation. In general the more

overconsoliaated the clay is the higher its peak
strength is.

—Structure. Morgenstern (1967) distinguishes between
macrostructure (fissures, joints, slickensides, etc.)
and microstructure (e.g., microscopic discontinuous
shear planes). Not much is known about the origin

of fissures, but it is generally accepted that they
have’a weakening effect on stiff clays. In some

cases the structure may entirely dominate the behavior
and strength of the clay, as for example in the case
of large continuous joints. The structure influences
not conly the strength, but alsc the general behavior
of the stiff clay (e.g., permeability and drainage

may heavily depend on the number and opening of



fissures (Ward, 1967)).

—Degree of weathering. In general the more weathered

the clay is, the lower its strength.

—Strength of diagenetic bonds. The diagenetic bonds

are bonds formed due to chemical and physical altera-
tions in the clay over long periods of time. They

are described in more detail in Section 3.4. In gen-
eral, the stronger the diagenetic bond, the higher the
peak strength of the clay.

—Sample size. This is related to the degree of fis-

suring and it is a factor which of course affects not
the actual, but the measured peak strength; the smaller
the sample is, the less the amount of fissures and
consequently the higher the measured peak strength.
In the extreme case, if the sample is smaller than
the average fissure spacing, no fissures may be en-
countered in the sample tested, in which case the
measured peak strength is maximum and it corresponds
to the strength of the intact (unfissured) clay.
Morgenstern (1967) reports that the sample size ef-
fect is more pronounced for the undrained strength
‘of the stiff, fissured clays, while this effect is
rather small on the peak strength in terms of effec-

tive stresses.



A characteristic feature of the peak shear strength
parameters (cﬁ@') of stiff, fissured clays is the reported
decrease of the cohesion intercept in terms of effective
stresses, with time. This long-term decrease of cohesion
may be associated with weathering, progressive failure or
softening resulting from dilatancy and increase in water
content in the shear zone (Chandler and Skempton, 1974).
The cohesion intercept c’ corresponding to the peak strength
of unweathered clays and clay shales with diagenetic bonds
is comparatively large. However, fissures and/or breccia-
tion may reduce c’ considerably. Chandler and Skempton
{1974) for example report that fissures in blue London clay
reduce the cohesion intercept, as measured from tests on
98mm diameter triaxial specimens, to about one-quarter of
the value measured on small (38mm) laboratory specimens.

In contrast to c', the angle of internal friction in terms

/, doesn't seem to change appreciably

of effective stresses, ?
with time.

However, progressive failure can lead to a decrease
in @C as will be described in Section 3.4, bﬁt that is due
to the strain softening behavior of the stiff clays (i.e.,
the process of progressive failure takes the clay locally
past its peak strength to a lower strength, but it does not
lead to an actual lowering of the peak strength).

An important aspect of the behavior of overconsolidated,

stiff clays is the fact that they dilate when sheared. This
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leads to an increase in water content during drained shear,
which results in a decrease in strength with deformation
after the peak. Under undrained shearing, the overconsol-
idated, stiff clays tend to dilate, which leads in a de-
crease of the pore pressure. This is especially important
in the case of excavations in such clays, since the undrained
increase in shear stresses caused by the excavation leads

to a decrease of pcre pressures and in a corresponding
increase of effective stresses. However, as the pore
pressures increase with time due to water flow towards the
zones of high shear stresses (for pore pressure equilibrium
to be attained), the effective stresses drop and failure

may eventually occur. Consequently, the long-term stability
is in éeneral more critical than the short-term stability
for slopes excavated in stiff, fissured clays. In cases
where the permeability is very low, this pore pressure
equilibrium may take several decades and failure may be
delayed for as long as 40 to 50 years (Skempton, 1977) or

even longer.

3.3 Residual Strength

The residual strength of a soil is defined as the
strength exhibited at very large strains, under drained
conditions, provided it is given sufficient time to consol-
idate or swell. Deformation at the residual strength is a

constant volume process (Fig. 3.3.1).
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The residual strength does not depend on such factors
as original structure, stress history, strain rate, sample
size, initial void ratio and in general factors which dom-
inate the path dependent properties of soils. However, it
does depend on the amount and composition of the clay pre-
sent in the scil (Fig. 3.3.2; Kenney, 1967, 1977), Atterberg
limits (which also depend on type of clay) (Voight, 1973;
Kanji, 1974, 1977; see also Fig. 3.3.3), adsorbed cations
for a given type of clay (most important for sensitive
clays), salt concentration in the pore fluid (most impor-
tant for Na-Montmorillonite; Fig. 3.3.2; Kenney, 1967, 1977)
and stress level (Kenny, 1967; Bishop et al., 1971; Chatto-
padhyay, 1972; see also Fig. 3.3.4, 3.3.5).

The nature of residual strength is frictional. Basal
plane slip is the dominant mechanism of deformation at large
strain for clay minerals and layered silicates. It involves
continuous rupturing and making of bonds along the cleavage
planes at the solid interparticle contacts in the shear
zone. The number of bonds at any solid contact probably
depends on the true effective stress (apparent effective
stress-repulsive forces, assuming negligible long-range
attractions) transmitted at the contact. The types of
bonds that could exist between the mineral cleavage planes
are the secondary valence, the exchangeable ion-linkage and

the hydrogen bonds. For Na-Montmorillonite for which the
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repulsive forces may equal the apparent effective stress
(no intérparticle contacts; e.g., when salt ccncentration
in pore fluid is low), no bonds of the type previously
described can be established and consequently its residual
strength must be low. In fact, very low values for Qées
have been reported (2° - 3°; Kenney, 1967) for Na—Mont-
morillonite at low salt environments and this supports the
previous statement.
qres depends on the effective stress only at low

stress levels and it decreases with increasing normal stress

until it becomes constant (Fig. 3.3.4, 3.3.5). There are

two hypotheses available to explain this stress-dependency
]

of qres:

—Under low normal stresses, less work would be re-
gquired to shear the clay without imposing perfect
particle orientation than would be required by impos-
ing perfect particle orientation. Under higher normal
stresses, however, less work is expended if perfect
particle reorientations develop during shear displace-
ment (Mitchell, 1976).

—The second hypothesis is based on the elastic junc-
tion theory, according to which the area of true
contact between two particles (at the asperities)

/3

2
is proportional to (lcad)™ at low stress levels,

this leading to:

-1/3

tan ¢’ = (const.) x (§) (Chattopadhyay, 1972).
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Skempton (1964, 1971) reports that the residual
strength controls the movements of slopes on pre-existing
slip planes. Such pre-existing slip planes may have been
formed due to a previous slip or due to tectonic movements
(Skempton, 1966). He also reports that displacements as
large as 1-2 meters are required, along a first-time formed
slip surface, for the mobilized strength to drop to the
residual value (Skempton, 1977). The residual strength
is associated with strong particle orientation. Skempton
(1964) reports that the zone of perfect particle orientation
is only in the order of microns (e.g., 20p ); this very thin
zone of residual strength mobilization is located within
a larger shear zone of moderate particle orientation, with

thicknesses in the order of 1 to 2 inches.

3.4 Progressive Failure

The term progressive failure, as it was originally
defined by Terzaghi and Peck (1943), indicates the spread-
ing of the failure over a potential surface of sliding from
a point towards the boundaries of the surface. This is
due to non-uniform stresses and strains along a potential
failure surfaée (Taylor, 1948). Because of this mechanism
the strength which is operative at each point along a po-
tential failure surface is not necessarily the peak, but a

value lower than that if the stress at the point has already

t‘;’
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exceeded the peak shear strength. This statement holds
true for strain-softening materials (for example stiff
clays), which exhibit a drop in strength for displacements
past that corresponding to the peak strength. If the dis-
placements at a point are large enough, the strength can
eventually drop to a limiting value, the residual strength,
which has already been discussed in detail in Section 3.3.
From the above it is evident that in the extreme case of

a slope at the point of limiting equilibrium, the opera-
tive strength along a potential failure surface could vary
from the residual at the point where progressive failure
first started, to the péak strength at the point which will
potentially fail last.

Two questions arise at this point. The first is, how
large a displacement along the potential failure surface is
required for the progressive failure mechanism to develop
and how big is this effect on the computed factor of safety
using a uniform mobilization of peak shear strength along
the failure surface at the point of limiting equilibrium?
The second question is, where is the point of progressive
failure initiation located behind a slope and what factors
does this point depend on? An attempt will be made to answer
these questions based upon both analytical wérk that has
been done in the past,as well as on field observations of

slopes that have failed.
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Tbe answer to the first gquestion is very much dependent
upon the post peak behavior of the soil; i.e., it depends
on how big the drop from the peak to the residual strength
is and how fast it occurs (in terms of displacement). If
the drop in strength after the peak is very abrupt and sig-
nificant in magnitude, then--once the stresses have reached
the peak strength at a point behind a slope--it takes only
a very small displacement for the strength to drop very low
at that point. This small displacement could be caused by
a variety of reasons, for example, by a small rise in the
ground water table or even by expansion of the clay caused
by weathering as will be described later. Since the strength
drops at the point where failure is initiated, the excess
load which can no longer be carried by the soil at that
point will have to be carried by the rest of the soil which
has not failed, along a potential failure surface. This
will cause an increase in stress in all unfailed points
which will result in a certain shear deformation along the
potential failure surfaces. Two things will happen because
of this. First the strength will drop further at the point
where failure first started, as a result of the shear de-
formation along the potential failure surface, thus bringing
this material closer to the residual state. Second, the
peak strength may be reached at some other point(s) in the

slope because of the increase in stresses and some drop in
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strength may also occur there if the overall displacement
is sufficient to cause that. Since a drop in strength occurs
at this stage, at the point of failure initiation and poss-
ibly at some other point(s), the process of stress redis-
tribution along a potential failure surface, described
previously, will be repeated. One of two things will
eventually happen. The process described above will either
come to an end because there is a limit on how low the
strength can drop (residual strength) or it will eventually
lead to complete failure of the slope once the stresses
have reached cr have come over the peak everywhere along
the failure surface. Clearly, the previously described
mechanism is a continuous one although it was described as
a step process. From the previous discussion it becomes
evident that the faster and lower the strength drops after
the peak, the smallér the displacement required to initiate
the progressive failure mechanism. It is rather difficult,
however, to give a quantitative estimation of the necessary
magnitude of this displacement. Skempton (1977) has ob-
served that a relative displacement of 1 to 2 meters is
usually necessary in the field for the strength to drop

to the residual for London clay (a highly overconsolidated
fissured clay). Bishop (1971), cn the other hand, notes
that a relative displacement of one foot is usually neces-
sary in the laboratory for the strength to drop to the

residual when performing ring shear tests on undisturbed
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samples. It should be pointed out here, however, that only
a small fraction of the aforementioned total displacement
required for the strength to drop to the residual is

enough for most of the drop in strength tc take place.

As far as the factor of safety is concerned, a sig-
nificant error can be involved in the design if the con-
ventional assumption is made that the stresses at the point
of limiting equilibrium are the same everywhere along a
potential failure surface and equal to the peak strength.
As was shown earlier, progressive failure results in a
redistributicn of the strength along the failure surface
which can vary from the peak, at the point(s) which fails
last, down to a value between the peak and the residual,
and depending on the type of soil and amount of displace-
ment even down to the residual strength, at the point
which fails first. This means that the average mobilized
strength along the failure surface is lower than the peak
strength and'consequently the actual factor of safety is
also lower than the factor of safety which is computed
assuming that the average mobilized strength along the
failure surface is the peak.

From the foregoing discussion it has become evident
that those soils which exhibit a very significant and abrupt
drop in strength after the peak are the ones which are more

susceptible to progressive failure and for which the average
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mebilized strength along the failure surface can be dras-
tically lower than the peak. Such soils are called brittle
and a typical stress-strain curve for a brittle soil is
shown in Fig. 2.4.1. The overconsolidated (0.C.) clays

of high plasticity and the clay shales belong in this
category. They are usually referred to as stiff-fissured
clays and shales. They are stiff because they have been
subjected to very high effective overburden pressures in
the past for long periods of time and due to physical and
chemical alterations (diagenesis) strong bonds (diagenetic
bonds; Bjerrum, 1966) have been formed. Not much is known
about the nature of diagenetic bonds. It seems, however,
thgt they are related to recrystallization occurring under
high pressures at the contact points between clay particles,
resulting in molecular bonds, and on the precipitation of
cementing agents at the zones of contact over long periods
(Bjerrum, 1966). The strength of the diagenetic bonds
depends on the consolidation pressure and on the minerals,
pore fluid, temperature and time and it can vary from

clay to clay. Whatever their nature is, however, they
contribute to the strength and stiffness of an overconsol-
idated clay. In addition, they are responsible for, the
limited amount of rebound of these clays during unloading
(due to erosion for example). Because the clay is prevented
from swelling as much as it would tend to if no bonds

existed, there is strain energy locked into this type of
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Fig. 3.4.1 Typical stress-strain curve of brittle scils.
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clays. .This strain energy is recoverable, however, upon
deterioration of these bonds for some reason (e.g., weather-
ing). In general, the more plastic the clay is (e.g.,
because of high content of active clay minerals), the
greater the recoverable strain energy is. The importance

of diagenetic bonds and of recoverable strain energy will
become clear later, when a model of progressive failure,
which has been proposed by Bjerrum (1966), will be described.

It was mentioned previously that the 0.C. clays of
high plasticity are usually referred to as stiff-fissured
clays and it was subseguently explained why they are stiff.
It should be mentioned here, however, that not all of them
are fissured. The degree of fissuring of 0.C., plastic
clays is associated with their brittleness, their depth
and their degree of weathering (the latter is related also
to depth). In general the more brittle, shallow and weathered
the clay is, the higher its degree of fissuring.

In order to determine the point of progressive fail-
ure initiation, the distribution of stresses behind an
excavated slope will have to be considered. For a homo-
geneous soil deposit, this distribution will mainly depend
on the initial stresses (Eefore excavation), the geometry
of the slope and the ground water conditions (depth of

ground water table). The problem of finding the stresses

behind an excavated slope has been treated in the past using

.f‘vﬂ’
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the finite differences and relaxation method (Bishop, 1952,
1967) and the finite element method (Brown and King, 1966;
Duncan and Bishop, 1966; Dunlop and Duncan, 1970). 1In the
process of the present work, a linearly elastic, plane
strain, finite element analysis of the stresses behind an
excavated slope has also been performed and it is presented
in Chaptef 5. Fig. 3.4.2 and 3.4.3 show contours of

-tmax /xH obtained from the analysis for a 1.5:1 slope and
for two different values of the coefficient of total earth
pressure at rest” (K = 0.875, K = 1.88). Notice that, de-
pending on the drainage conditions in the field at the time
of failure, ?}g; or chax will be the relevant measure of
strength for dréined or undrained conditions respectively.
In the above,T and GA are the shear and effective normal
stresses on the plane of failure along a potential failure
surface, while Tﬁax is the maximum shear stress along a
potential failure surface. Fig. 3.4.4 (a) and (b) presents
the distributioh of Eéﬁ along a potential failure surface,
which is shown on Fig. 3.4.2 and 3.4.3, for the two cases
of K = 0.875 and K = 1.88. Fig. 3.4.5 (a) and (b) presents
the distribution of 'tﬁax’/xH along the same potential

failure surfaces. The potential failure surface that has

*

The coefficient of total earth pressure at rest is de-
fined as the ratio of the total horizontal stress over the
total vertical stress, for conditions of no lateral strain.
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been picked corresponds to a circular arc and it is nct
necessarily a critical one. Whether it is a critical one
or not will depend on the strength of the soil and the
ground water ccnditions. The selected surface serves
nevertheless the purpose of this example. If some strength
parameters for the soil are now picked, the ratios Tp/%;
and ?res/%; can be plotted on the same graph, where Té

and Tfes are the peak and residual shear strengths for
the soil selected and 6; is the effective normal stress on

the potential failure surface. The following strength and

geometric parameters have been used in this example:
. ,

QP = 14°
' — go
qres ?
CI
= = 0.1 (Y is the unit weight of the soil; H is
¥ the height of the excavation).

The ground water table has also been assumed to be deep
and doesn't affect the stability of the slope. Fig. 3.4.4
(a) and (b) shows the distribution of T /6’ and T /6'

pn res’ “n
alcng the above-selected circular arc. Two things can
be immediately observed. First, the stress ratio 'f/€;
has a2 much more intensive variation along the circular arc
for the K = 1.88 case (which corresponds to a rather 'highly

0.C. clay) than for the K = 0.875 case (which corresponds to

- = - | ]

a rather lightly 0.C. clay); for the latter case, the tp/6 n
distribution is almost constant, ex¢ept for the upper portion
of the arc. 7S§cbﬁd; the shear stress (t/G'n) and peak shear

strength (fp/E;) distributions are almost parallel for
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the K = 0.875 case. This means that the peak shear strength
will be mobilized almost simultaneously along the failure
surface at the point of limiting equilibrium in this case.
For the K = 1.88 case, however, the shear stresses (‘f/eé)
at the region of the toe of the slope are considerably
higher than the peak shear strength (Ip /6;). This means
that the soil will come over the peak at the region of the
toe of the slope for as long a length along the arc as
9.825H, or 29% of the total length of the arc. This is
more than enough to initiate the progressive failure mech-
anism, described earlier. However, with the present infor-
mation in hand, we cannot really tell whether the progres-
sive failure in this case will lead to complete failure

of the slope or to an equilibrium condition. To be able

to answer this question, one would have to perform a
finite element analysis of the stress distribution in a
strain-softening material (Bishop, 1971). Such analyses
have been performed by Lo and Lee (1973), who have developed
an iterative process of stress release and transfer and
have assumed a stress-strain curve for strain softening
materials like the one shown in Fig. 3.4.6 (a), which con-
sists of three linear portions. Dunlop and Duncan (1970)
have also analyzed the problem of the development of fail-
ure around excavated slopes, using a finite element program

which is capable of handling bilinear materials with stress-
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Fig. 3.4.6 Analytical models for soils: (a) Strain-softening
material; (b) Elastoplastic material.



50

strain curves like the one shown in Fig. 3.4.6 (b).
Whateve? the case, this example shows clearly that the
potential for progressive failure increases with increasing
overconsolidation ratio (OCR) of the clay and also that
progressive failure is more likely to start near the toe

of the slope, for drained conditions. Notice that if the
geometry of the slope, ground water conditions or strength
of the clay had been different, the picture would have
changed considerably for the same initial stress conditions
in the ground before excavation. In general, the steeper
and higher the slope and the shallower the ground water
table, the higher the potential of the progressive faiiure
mechanism to lead to complete failure of the slope. It is
a matter of interest to note that a stability analysis was
made for the aforementioned circular arc, using Bishop's
modified method of slices. This analysis gave a factor of
safety (F.S.) of 1.34. The strength parameters used were
the ones mentioned previously ( q; = 14°, c7xH = 0.10).
This resuit stresses further the point made earlier, namely
that progressive failure leads to an actual factor of safety
which is lower than the one calculated based on the assump-
tion that the peak strength is reached simultaneously at
every point along the éailure surface (i.e., that the
average operative strengthuat the point of limiting equil-

ibrium is the peak). Indeed, although the computed factor
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of safety is 1.34, 29% of the length of the potential
failure surface, for the K = 1.88 case, will come over
the peak, this leading to progressive failure, which will
result either to complete failure of the slope, or to a
considerable lowering of the average operative strength
(and of the actual factor of safety) along this surface.

The above conclusions were drawn for the case of
drained conditions for which the comparison of Té /Eé
to T//Gg is relevant. For the case of a short-term
failure, as for example an end of construction slide,
where undrained conditions prevail, we would have to com-
pare the undrained shear strength (Su) of the clay against
tmag; which has been plotted in Fig. 3.4.5 (a) and (b)
for the two cases of K = 0.875 and K = 1.88. From this'
figure we can see again that the zone of overstress is at
the region of the toe of the slope for the K = 1.38 case. No-
tice however that, for highly overconsolidated clays, the
long-term stability is more critical than the short-term,
as the pore pressure changes that develop during excavation
are negative.

An analysis similar to the above ﬁas been performed
by.Bishob (1967) for the case of an embankment, using the
finite differences and relaxation method. He concludes
that in the case of an embankment, progressive failure is

more likely to start both at the lower and upper ends of
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a potential failure surface and then progress towards the
middle, for drained conditions. His conclusion for un-
drained conditions is that progressive failure would most

‘ likely start at the middle of the potential failure surface
and then progress towards the boundaries. Fig.‘3.4.7 and
3.4.8 show Bishop's results for the cases of drained and
undrained conditions respectively.

Lo and Lee (1973) have performed a finite element
analysis of the stresses behind a slope for a strain-soften-
ing material, as mentioned previously. They conclude that
for 0.C. clays failure starts at the toe of the slope and
propagates towards the interior and upslope. They also con-
clude that for given ground water conditions and strength
parameters, the size of the post-peak zone inc¥eases wiﬁh
slope height, slope angle and the value of the coefficient
of earth pressure at rest (Ko). Three examples of their
analysis are shown in Fig. 3.4.9. The soil properties,
elastic constants, slope geometry, and ground water conditions
they have used in their analyses are shown on the same figure.
The shear stress level q}is defined as the ratio of shear
stress to peak shear strength‘for elements in which the
peak strength is not exceeded, and it is the ratio of
shear stréss to residual shear strength for elements which
have failed. The fact that no contours with 7 greater than

1.0 are shown on Fig. 3.4.9 indicates that the second linear
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portion of the stress-strain curve that they have used for
their aﬁaiysis (refer also to Fig. 3.4.6 (a)) has been taken
to be practically vertical, i.e., they assume that the
strength drops immediately from the peék to the residual.
All of the foregoing discussion, which is related to
the area of progressive failure initiation, leads to the
conclusion that progressive failure starts from the toe
of a slope and progresses inwards and upslope for highly
overconslidated clays. Bjerrum (1966) has proposed a some-
on the recoverable strain energy of the highly 0.C., plastic
clays and clay shales, and which will be briefly described
belcw. He has also illustrated the type of non-uniformity
cf stress and strain to be expected at the toe of a cut
due to expansion as a consequence of high lateral stresses
in the ground and he has also indicated that progressive
failure starts at the toe and progresses inwards behind
the slope.
| According to Bjerrum (1966), it can be taken for
granted that, under certain conditions, slides in O.C.
plastic clays and clay shales are preceded by the develop-
ment of a continuous failure surface by a mechanism of pro-
gressive failure. He has postulated a possible mechanism,
which can explain how progressive failure can occur and

how it can lead to the development of a continous sliding



surface. TO illustrate in a brief and general way the
principles of this mechanism, consider the stability of a
small section of a uniform stable slope of inclination «,
as shown in Fig. 3.4.10 (a). Further, consider the equi-
librium of a section OAA'O'. The shear stress along OA

due to the gravity force is:

T = [({Z).[{m).wsd]j - sing = &/zsinzx.cosx (1)
(0A)

where z is the depth of surface OA from the ground surface.

If we assume that the boundary 0'O has been formed by
excavation, then the removal of the lateral support of
block OAA'O' on 0'O by excavation produces a redistribution
of the internal stresses within this block. Provided that
AA' is so far from 00' that the lateral stress on AA' has
remained unaltered, the equilibrium of the block can only
be maintained if the shear force along OA increases by the
amount E, the total lateral earth pressure that acted on
00' before excavation: A

E = fre.df (2)
‘where Tﬁ is the shear‘;tress distribution along OA due to
the removal, by excavation, of the lateral support of block
OAA'O' on 00'. This distribution is non-uniform, it will
have its maximum at point O and it is approximately shown
in Fig. 3.4.10 (b). The shear stress at point O now becomes:

. /
1;0 = yz-sin« .CosA{ + kTE)max (3)
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If rb @s greater than the peak strength of the clay, then
local shear failure will occur. It will start at point O
and it will proceed as far as ﬁhe shear stresses exceed

the peak strength. 1In Fig. 3.4.10 (b), for inétance, the
local failure will occur as far as Pl' Note that (Tt)max
is proportional to E, i.e., the higher the internal lateral
pressure E the higher the wvalue of (Tﬁ)max and consequently
the further local failure will occur. The occurrence of a
shear failure at the base of the block OO'PiPl will in the
first place mean a reduction of the shear stresses on OP1
from the theoretical value expressed above to the peak
shear strength. Correspondingly, the internal lateral
stresses in the block of clay OO'P'lPl will decrease. Due
to the elastic behavior of the clay, this lateral unloading
will cause the clay to expand towards the excavaticn by
sliding on the newly formed failure plane oP, (Fig. 3.4.10 (c)).
The resulting differential strain (Fig. 3.4.10 (b)) across
the failure zone is governed by the recoverable strain
energy of the clay, and if this is large enough, the strain
will be sufficient to reduce the shear strength from the
peak to the residual value. This will cause a large reduc-
tion of the shear stresses along OPl and a cOiresponding
increase of the shear stresses on the surface to the right
of P.. Next we consider the equilibrium of the block

1

PlBB'P'l, where section BB' is so far from PlP'l that the

lateral stresses on BB' are unaffected by what has happened
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to the left of point P, (Fig. 3.4.10 (e)). With considerations

1
similar to the ones made previously, it is concluded that
the maximum shear stress will now be at Pl and it will be

equal to:

T, = _— 4
Pq yz-cosa -sina+ (Té_E ) (4)
Pmax .
where (T, . ) is the maximum value of the new shear stress

Pmax
distribution produced to the right of Py in order to resist

the lateral force (E-Ep), where E is as defined previously

(it now acts on BB') and EP is the value that the lateral

force E has reduced to on PlP'1 after failure occurred

along OP Obviously, the larger and. more abrupt the drop

1
in strength from peak to residual, the lower the value of

EP will be and consequently the larger the wvalue of (E-EP)

and, as (TE_E')

P max
the value of (T - will be. If the value of T, , as
E-EP%mx Pl

defined by (4), is higher than the peak shear strength

is proportional to (E-EP), the larger

of the clay, local failure will occur along a certain dis-

tance to the right of P, and progressive failure will con-

1
tinue upslope as described previously. Depending on the

inclination of the slope and on the relative magnitude of

E and EP in each step, the process will either lead to the

formation of a continuous failure surface and eventual

sliding of the slope or the value of E_ will eventually

P
be large enough that progressive failure will come to a

halt.
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Based on the above mechanism, Bjerrum (1966) has

specified some requisite conditions for progressive fail-

ure:

—Firstly, in order to start a progressive failure
leading to the development of a continuous failure
surface, there must be a discontinuity somewhere in
the clay mass, or at its boundary, where failure can
be initiated and the deformations required for a
further development can be produced. This discon-
tinuity may be a steep erosion slope or a cut at the
toe of a slope, or it might be a soft spot somewhere
in a slope.

—The development of a continuous failure surface by
progressive failure is only possible if there exist,
or can develop, local shear stresses exceeding the
peak shear strength of the clay. All other conditions
being equal, the danger of local shear failure will
increase with the ratio of the lateral internal stress
to the peak shear strength.

—The advance of a failure surface must be accompanied
by local differential strain in the zone of shear
failure sufficient to strain the clay beyond failure.
The ratio of the lateral strain, due to stored recover-
able strain energy in the clay, to the failure strain

is a measure of the degree to which the former will
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exceed the latter, when the lateral stresses are
reduced.

—The clay must show a large and rapid decrease in
shear.strenéth with strain after the failure strength
has been mobilized, so that the shear resiétance in
the failure zone will not obstruct the movement
required to obtain the differential strain and thus
to move the zone of stress concentration into the
neighboring zone of unfailed clay. The ratio of

péak to residual shear stréngth expresses the degree

!

of strain softening of the clay.

.The previously described model of progressive failure,
although it is rather general and there is no proof of its
validity, provides an approximate but consistent picture of
the possible occurrence of progressive failure, adequate
for an understanding of the problem involved and for an
evaluation of the governing factors such as the soil prop-
erties.

It should be pointed out here that the model relies
very much upon the recoverable strain energy of the highly
0.C. plastic clays, which is released by weathering due
to deterioration of the diagenetic bonds and which is re-
sponsible for bringing the clay from the peak to the re-
sidual strength. As noted early in this section, the

relative displacements necessary to bring the clay from
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the peak to the residual strength are of the order of

1l to 2 ﬁeters (Skempton, 1977), and it is questionable
whether £he above process could lead to such displacements.
It can, however, lead to a considerable drop in strength
from the peak to a value somewhat higher than the residual
strength.

For cases where the non-uniform stresses do not ex-
ceed the peak strength of the soil anywhere along a poten;
tial failure surface, another mechanism will have to be
proposed in crder to be able to explain slope failures
that have actually occurred in such cases. According
to Skempton (1977), such a mechanism could probably be the
presence of local stress concentrations at the discontinui-
ties within the soil mass such as the fissures that are
usually found in the highly 0.C. plastic clays. Although
the aforementioned mechanism is a necessary assumption for
cases where the effective stresses after excavation do not
exceed the peak strength anywhere behind a slope, that does
not preclude it from contributing to the progressive failure
.mechanisms presented earlier in cases where the effective
stresses after excavation exceed locally the peak strength
of the clay.

Before this section is closed, it should be pointed
out that the mechanism of the propagation of a shear surface

in a fissured clay is clearly a subject deserving further
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study. According to Bishop (1967), this mechanism may
well prove to involve small scale stress concentrations
around the end of the propagating surface of weakness and
the interchange between different forms of energy. These
include energy absorbed in forming the surface and released
by relieving the stresses in the locally highly stressed
material adjacent to it. Proneness to progressive failure
may be directly associated with low tensile strength, in
terms of effective stress, of the intact clay. Bishop

has borrowed these concepts from the paper of Griffith
(1921}, "The Phenomena of Rupture and Flow in Solids."

As a closing remark, it should be menticned that there
are a number of factors which delay the full development of
progressive failure. According to Bishop (1967) such
factors are:

—The time lag, due to the low coefficient of swell-

ing, in the readjustment of pore pressure resulting

from (see also Skempton, 1977):

(a) the release of stress during the excavation of a

slope; and

(b) due to the modification of ground water table

resulting from the change in profile._

—Weathering, in relation to its effects on soil

structure, with respect both to strength and to per-

meability (see also Bjerrum, 1966).
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—The delayed release of strain energy due to time
lag in the rebound curve with respect both to volume
change and to shear deformation (see also Bjerrum,
1966) . This would influence, for example, the spread
of a crack of the Griffith type.

—The reduction in strength values, particularly at
the peak, due to the rheolégical component of shear

strength.

Consequently, although time effects are not the pri-
mary cause of the mechanism of progressive failure, as it
has keen described so far, the problem of progressive fail-

ure is inescapable of time.

w
w

"Fully Softened" and Critical State Strengths

As pointed out by Skempton (1970, 1977, 1978), the
strength of stiff, fissured clays, as it is back-calculated
from first-time slides, is neither the peak shear strength
as measured by consolidated-drained triaxial tests, nor the
residual strength as measured by various methods (ring shear
apparatus, multiple reversal direct shear test, triaxial
compression test on precut samples, etc.). He has estimated
it to be closer to the "critical state" shear strength, or
what he has called "fully softened" strength. As defined
by Roscoe, Schofield and Wroth (1958), a saturated clay is

at its critical state, in a drained test, if any further
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increment in shear distortion will not result in any

change in water content. For an ideal clay this occurs

well after the peak and after this state is reached, the
clay continues to deform under constant stress (which is
the'ultimate strength for this ideal clay) and at constant
volume (Fig. 3.5.1). 1In particular, the critical state
corresponds to the strength of a normally consolidated

clay and, by definition (Roscoe, Schofield, Wrote, 1953),
the water content at this state is equal to that attained
ultimately by the overconsolidated clay due to dilatancy
during shear. For real clays exhibiting sensitivity, bond-
ing and preferred particle orientation, the behavior patterﬂ‘
is more complex and the determination (or even the definition)
of critical state is very difficult. According to Schqfield
and Wroth (l9g8), the peak strength of a normally consoli-
dated remolded clay occurs just before the critical state

is reached. Skempton (1970) has suggested that the "fully
softened" strength of an overconsolidated clay can be prac-
tically numerically approximated by the péak strength of
that same clay after it has been remolded\and reconsolidated
(Fig. 3.5.2.). The above numerical approximation does not
necessarily imply any physicgl correlation between the
"fully softened" strength and the critical state or even

the normally consolidated peak strength, although there

might be one such ccrrelation.
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Skempton (1971) has propcsed a possible mechanism
for the‘development of the "fully softened" strength, in
an attempt to correlate it tc the normally consolidated
peak strength of the remolded clay. He has suggésted that
the fissures can lead to softening of the clay mass and he
refers to Terzaghi (1936), who has given an explanation for
this process. Terzaghi has suggested that the lateral
stress release component upon excavating a cutting could
cause some fissures to open. Ip stiff clays, the strength
is sufficient to allow a fissure to remain open at depth.
Softening would then take place from the face of an open
fissure, under zero effective stress. This would lead to
further deformations, the opening of more fissures, etc.
According to Skempton (1971), it follows (although Terzaghi
did not draw this conclusion) that, unless a slip occurs,
the end product of such a softening process must be a clay
reduced essentially to its normally consolidated condition,
for as deformation proceeds, fissures which once were open
must sooner or later be closed (in order to transmit the
overburden loads) and the clay which had softened under
zero stress will be reconsolidated under the weight of
overlying material. So, he concludes that the sérength
in the fully softened condition can be represented by the
strength that the clay would have, under the same effective

normal stress, if it were normally consolidated.
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Data from long-term, first-time slide backcalculation
indicate a considerable decrease of the cohesion intercept,
c', exhibited by the peak strength envelope, while q’remains
approximately the same. Chandler and Skempton (1974) give
a possible explanation for that drop in ¢'. They have
suggested that progressive failure permits the development
of strains sufficiently large to allow full dilatancy,
accompanied by water content increase in the shear zone,
resulting in a "fully softened" condition (see also Fig.
3.5.3).

It should be pointed out, once again, that until a
physical correlation is found between the strength of
overconsolidated, stiff, fissured clays for first-time
slides ("fully softened" strength) and the peak strength
of the normally consolidated clay or the critical state
strength, one should not make the generalized assumption
that the operative strength for first-time slides in stiff,
fissured clays and shales is the critical state or normally

consolidated strength.

3.6 Summary

The peak strength of an overconsolidated, stiff, fis-
sured clay depends on its geologic history (depositicnal
environment, stress history, diagenesis, weathering, etc.)
and on its structure (fissures, joints, slickensides, micro-

scopic discontinuous shear planes, etc.).
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The residual strength of a clay is the strength
ultimately attained in a drained shear test, after a
considerable amount of deformation. Shearing at the re-
sidual state is a constant volume process. The residual
strength depends on the amount and composition of the clay,
Atterberg limits, adsorbed cations for a given type of
clay, salt concentration in the pbre fluid and stress
level. Residual strength controls the stability of slopes
that have already slid in the past.

Progressive failure can lead to a considerable low-
ering of the average operative strength along a potential
failure plane, for soils that exhibit a considerable and
abrupt drop in strength from the peak to the residual.
Other factors that promote progressive failure are:

—High lateral earth pressures (i.e., high KO)

—High recoverable strain energy

—Fissures or other discontinuities in the clay mass.

Most overconsolidated, stiff, fissured clays exhibié
a strength, in first-time slides, which has a value between
the peak and the residual. This strength has been called
"fully softened" strength and it has been hypothesized that
due to dilatancy and increase of water content in the zone
of shear, the clay softens and approaches the peak strength
it would exhibit if it were normally consolidated. It has

been suggested that the critical state or the normally



consolidated peak strength can be used as a good approxi-
mation of the "fully softened strength." Progressive
failure may play an important role in the mechanism of

softening.

73
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4. APPROACH TO THE PROBLEM

4.1 General

Sc far, the slope stability problems in the Friars
Formation have been described in Chapter 1, and some geo-
logical and geotechnical information about the Friars For-
mation have been given in Chapter 2. In Chapter 3 the con-
cept of shear strength for stiff, fissured clays and shales
and the factors it depends on, as related to the long-
term stability of slopes in such soils was examined. Hav-
ing formed this background about the Friars Formation in
particular and about the stiff, fissured clays and shales
in general (to which category Friars Formation belongs),
we are now ready to examine an approach to the problem of
stability of slopes not only in stiff, fissured clays and
shales but in any kind of soil. This approach is the stress
path method, which was first presented and subsecuently
improved.and éupplemented by case histories by Lambe (1567,
1969, 1973, 1979). The principles of this method are pre-
sented in the following Section 4.2. It was decided to
adopt this method for laboratory teséing and analysis and
then compare the results obtained using this approach to
those obtained by using conventional methods for laboratory
testing and analysis. In this way, it was hoped to isolate
any discrepancies between actual and predicted behavior,

which may occur as a result of the method that has been
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used to approach the problem, both analytically and in
the laboratory.

After the principles of the stress path method will
have been presented in this chapter, Chapter 5, and part of
Chapter 6, will be devoted to the actual
use of this method. The approach taken w;ll be rather
general so that, at the end, the conclusions drawn will
be applicable not only for the case of the Friars Forma-
tion, but, in general, for any excavated slope in plastic,

overconsolidated clays.

4.2 The "Stress Path" Approach

As suggested by Lambe (1967, 1969, 1973, 1979), a
rational approach to force, deformation, stability and flow
problems is the stress path method. Because soil properties
and behavior are stress path dependent, it is impecrtant that
the actual stress path is recognized and correctly followed
in the laboratory, so that the results obtained represent
the actual behavior of the soil under the given history and
variation of stress. The stress path method employs the
point where the shear stress has its maximum value, e.g.,

point A of Fig. 4.2.1 (a). The stress path is drawn on a

6,+63 1 63
2 2

Sometimes p and g are expressed in terms of 6V and 6., the

p vs. q diagram where p = and g = (Fig. 4.2.1 (b)).
vertical and horizontal stresses respecﬁively at a point

in the ground. If the principal stress directions coincide



76

with the vertical and horizontal, then p and g are expressed

6, — -
as p =-£%§§i, =~7izéh (Fig. 4.2.1 (c)). By convention,

g has a positive value when 6&)65 and a negative value when
€1>€v' In the case that the principal stress directions

do not ccincide with the vertical and horizontal, the stress
path can still be used with p and g expressed as functions

of 6& and Gh. In this case p and g are given by:

0, +6 G, -6 \&
N =S

where th is the shear stress on vertical and horizontal

planes (Fig. 4.2.1 (d)). Notice that in the latter case

it is not obvious what the sign of g should be, since the
term (GV - Gh) is raised to the second power. According

to the previously stated sign convention g will be taken
negative when Gh)'Gv. If only the magnitudes and directions
of the principal stresses are known, then the above state-
ment can be restated as follows (the following relationships

are derived in Fig. 4.2.2):
€1+65
z
- 61765
9% 72> — |, if 046¢ 45°

5}‘6&
2 , if 45°<8¢ 90°

q=-

where 0 is the angle between 6, and Gi.

The stress path can be either drawn for effective

stresses or for total stresses. In the former case, p and q



77

POINT A : STRESS POINT FOR Tpax
PoinT B: STRESS POINT FoR (%)"m }

>

" .
? = GV + 6.'
2
- 6y-6)
1 2
+ Gv 76'

Fig. 4.2.1 Definition of stress vnath.



78

A
Yy A
B
I
0 6.3 6[h cvl 6, -
| A c & T,
____.1 é,
6y
o )
A Ton
6,165 _ 6,+6, ! - Tg -
2 2
(a) (k)

From f:z (a) abeoe it s obvieus that :

oA= biths o Svth ., (1)
2 2

From triangle ABC : (AB)* = (AC)*+ (BC)® —»

2
— (6|;65) = (6"— .‘V;fh)zi- Tv: =

66 \or T% -

6,-6 6,-6p\2 2
— 4" = v =Oh _
; Q "/( 2 ) * Tk =g @)

1 6 is flie angle between the horizontad § Ha major principal sfve

direction

/
v .2 t
6, = 6,5in% + 6,cos"6 (3)

6, = 66600"0 + 6 3in*6 4)

 then /‘rom e '/fuar;( of e/mﬁ'a‘?/ ( /t/(gf alie o ﬁ}.(&))

(),(4) —  6,-6 = (5,-6,)sin0 - (6,-6:)c0r%0 = (5,-6,) [sin'0 -co5'8) —

- 6, —6; = —[6',—' J)coo{’é’ (5)

If 0¢6<45° — (20 — 6,-6 to — g0
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are:
. / ! Vi /
p= &% and g =2-% _ &%
2 2 2
while in the latter case:
p = —E%;é— and g = —55;3- .

The stress path for the former case is called effective
stress path (ESP) while for the latter it is called total
stress path (TSP). '

It should be mentioned that the stress path method
ignores the intermediate principal stress 6, . This is
justified by the fact that most conventional tests cannot
control 62 ihdependently of Gi and 63 and also because
usually 62 has only a small effect on the strength and
stress-strain behavior of soils (Lambe, 1979).

The stress path method consists basically of six
steps:

1. Estimate the nature of the problem, i.e., select a
"mechanism" for the problem in hand, based upon exper-
ience, publications on similar problems, etc.

2. Select one or more representative soil elements for
study, based upon experience and available literature.

3. Estimate the stress history, state of stress before con-
struction and variation of stress and strain during and
after construction of the soil element(s) selected in
step 2.

The above estimates are based upon:
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—The".geologic history of the site.

—=So0il properties, determined by soil tests.

—In situ pore pressure measurements before, during
and after construction.

—The known loads that are going to be applied by the
structure on the ground.

—Some kind of analytical technique to determine the
stress redistribution in the ground imposed by the

known loads, during and after construction.

Using the aforementioned estimates, prepare the stress

paths for the selected soil element(s).

4.

Perform laboratory tests on soil samples, along the stress
paths prepared in the previous step. The soil samples

can be either undisturbed samples from locations close

to the ones of the selected soil elements or they can

be reconstituted samples. The latter are obtained by
either remolding undisturbed samples or by resedimenting
soil samples and then subjecting them to stresses along

a stress path approximating that of the geologic history
of the elements in the field. Notice that neither obtain-
ing undisturbed samples nor reconstituting samples avoids
disturbing the structure developed during the geologic
history of the sample. Field tests can also be performed
at this step, if one wishes to minimize disturbance,

or to apply full scale loads. .
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5. ©Use the results of the stress path tests performed in
the‘previous step to obtain soil parameters needed for
predicting performance.

6. Use the soil parameters obtained in the previous step
to predict performance (e.g., find the factor of safety
in the case of a stability problem). However, if a
more refined solution is desired, the results of step
6 can be used in step 1 for the selection of a more
accurate "mechanism" for the problem and then proceed

again through steps 2 - 6.

4.3 Summary

The stress path method consists of a systematic ap-
proach to elucidating'and solving geotechnical engineering
problems. The method organizes, states and extends principles
of geotechnical engineering developed and applied over a
number of years. Experimental evidence clearly shows that
soil behavior depends very much on stress, orientation of
stress on the soil sample, time, temperature, chemical fac-
tors, etc. The stress path method recognizes this important
fact and attempts to test soils under conditions closely
approximating field conditions. The method can be used to
solve force, deformation, stability and flow problems. For
stability problems in particular, the method consists of the

following six steps:
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Estimate location of the surface of minimum stability.
Select an average element or select several elements.
For selected element(s), determine stress paths for:

(a) geological history, i.e., past; and

(b) design life of structure, i.e., future.

On soil existing at or near selected elements in field
situation, run tests along stress paths determined in
step 3; orient samples for tests same as in the field.
Obtain strength or strength parameters.

Determine the factor of safety aémthe ratio of average
strength to average shear stress along the surface of
minimum stability determined in step 1. Obtain average
shear stress using one or more of the following methods:
—Force polygon.

—Elastic analysis.

—Finite element analysis.

—Stress paths.
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5. FINITE ELEMENT ANALYSIS OF THE STRESS CHANGES INDUCED

BY AN EXCAVATION BEHIND A SLOPE

5.1 General

When a cut is made in a saturated clay deposit, total
stress changes and reorientation of stresses occur behind the
slope due to the unloading induced by excavation. As was
explained earlier (Chapter 4), a knowledge of the magnitudes
and orientations of the principal stresses after excavation
are needed, in order to be able to apply the stress path
method. From the methods that one can use in order to make
an analysis of the stress chances induced by an excavation,
and which were mentioned at the very end of Chapter 4, the
finite element method has been chosen. For this purpose,
a two-dimensional plane strain, finite element computer pro-
gram, which assumes linearly elastic, isotropic materials,
has been used. The analysis performed with this computer
program, together with the assumptions that were made and

the results obtained, are presented in Section 5.2.

5.2 Presentation of the Analysis

In order to be able to make an analysis of the stress
changes induced by an excavation behind a slope, it is first
of all necessary to make an analytic simulation of the ex-
cavation. The excavation can be simulated to take place

either in one step or in several smaller steps. Since it
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is assumed that the material is linearly elastic and iso-
tropic,~the principle of superposition is valid. Hence

it is absolutely legal to substitute the actual stepped
excavation by an imaginary one which is performed in only
One step (Fig. 5.2.1). Notice that this would be true even
for an elastoplastic material so long as the yield stress
is not reached anywhere behind the slope. The latter state-
ment, together with the fact that for low stress levels (up
to about 70% of the peak strength), most soils, and espe-
cially the overconsolidated clays, behave within reason

as linedrly elastic materials, leads to the conclusion that
this analysis will give a good approximation of the stress
changes induced by excavations so long as the stresses do.
not approach the yield stress in any soil element.* The
results of this analysis can be used as a guide in select-
ing the stress path along which we should test the samples
in the laboratory. Another point to be made here is that
the same modulus of elasticity E and Poisson'é ratio v has
been assumed everywhere in the clay deposit. According

to the theory of elasticity, this results in a stress analysis

*
As soon as local failure occurs somewhere behind

the slope, there will be stress redistribution in all the
unfailed soil elements, as it was described in more detail
in Chapter 3 (Section 3.4), and the results of such an
analysis will be no longer valid.
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Fig. 5.2.1 Analytic simulation of excavation.
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which i§ independent of what values of E and Vv are used.

The analytic simulation of the excavation used for
the finite element computer analysis is shown schemgtically
in Fig. 5.2.1. ©Notice that the excavation has been simu-
lated by applying normal and shear stresses along the
bottom and the side of the cut equal in magnitude and op-
posite in direction to the normal and shear stresses that
existed along these planes before excavation due to the
geostatic stresses. This results in stress-free boundaries
after the stress changes induced by excavation have been
added to the initial stresses.

The program used is LSTRN-3, which is a two-dimen-
sional, plane straiﬁ, finite element program. It assumes
linearly elastic, isotropic materials and it can also
handle bilinear materials (modulus of elasticity in tension
# modulus of elasticity in compression) as well as stress
changes induced by temperature changes. The program was
originally written by Wilson (1967) and it has subsequently
been modified by others. ‘A small modification in the sub-
routine "STRESS" (which calculates the stresses) of the
most recent version of the program (Lysmer, 1971) was found
necessary, so that both the stress changes and the final
stresses and principal stress directions are given in the
output. Another modification was made in the way data
are input, so that the initial stresses are being input

more easily.
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Two slopes (1.5:1 and 3:1) have been analyzed for
four different coefficients of total earth pressure at

rest (K = 0.875,1.07,1.45,1.88). K can b= related to KO;

the coefficient of effective earth pressure at rest, which
*
is more often used. According to the definitions of K

and Ko: ‘
6 (1) Gh
K = K =
5, ' °o 6

(2)

where E&,%:are the total and effective horizontal stresses

respectively and Q”Q:are the total and effective vertical
stresses respectively. If Y is the total unit weight of
the soil and u, is the pore water pressure at depth z,
then:

6, = yZ = 6/ +U, (3)

6, = 6 +U; (4)

Combining equations (1), (2), (3), and (4) properly, we get:

!
6, _ 6h+ué_ K06v'+b(e_ KO(GV—L(}){»UZ

K = = =
6y by 6y 6, s
= K, - K, =4 Lz Ke K, + =2 (1-Ko) )
[~] gv Gy o xz o

From the above expression, it can be seen that K is in
general not equal to Ko' However, if the water table is
deep enough, so that it does not affect the stability of

the slope, then u,= 0 and equation (5) reduces to K = K-

*

The coefficient of effective earth pressure at rest
is defined as the ratio of the effective horizontal stress
over the effective vertical stress, for conditions of zero
lateral strain.
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Notice that for the special case where the water table
is on the ground surface, then uZ = g;z, where Xw is
the unit weight of the water, and expression (5) becomes
independent of depth:

K =K, + R (1-Ko) (6)

[

However, it doées depend on the unit weight of the soil.

The case where the water table does not enter the
picture has been considered in the analysis. In this case
K = K0 and KO can be readily obtained from published plots
of KO vs. PI (PI=plasticity index) for various overconsoli-
dation ratios (OCR)* (Brooker and Ireland, 1965; see also
Fig. 5.2.2). The four values of K = KO for which we have
analyzed (Ko=0.875, 1.07, 1.45, 1.88) correspond to
OCR = 2, 4, 8, 16 respectively. Theplasticity index used
(PI=40%) to derive these numbers was the one obtained from
classification tests performed on the crushed, air-dried
sample fromithe Friars Formation, as discussed in the section
dealing with the preparation of the soil used for the tests.

Another assumption, inherent in the analysis, is that
X is constant everywhere in the slope, since we have nor-

malized all stresses with respect to XH’ where H is the

height of the slopé. This is not a bad assumption, as long

*
The overconsolidation ratio (OCR) is defined as

the ratio of the highest past effective overburden stress
that has ever been applied on a soil element, over the
present effective overburden stress on that element.
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Coefficient of earth stress at rest, K
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Plasticity index, P.I.

5.2.2 K, as a function of overconsolidation
ratio and plasticity index (from Brooker

and Ireland, 1965).
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as the soil has approximately the same degree of saturation
everywhere. It should be mentioned here that the results
of this analysis can also be used for the special case
where the water table is on the ground surface. In that
‘case, K is computed from equation (6) and the answer is
obtained by interpolation using the results of this an-
alysis. The same holds if the soil under consideration
has a PI different from 40%. The appropriate K is obtained
from Fig. 5.2.2, given PI and OCR, K is computed using
equation (6) (if the water table is on the ground surface),
and K or K whichever applies, is used to interpolate
through the results presented here.

The dimensions of the sections analyzed for each
of the two slopes are shown in Fig. 5.2.3. It was con-
sidered that a section extending horizontally 6H away from
the crest of the slope and 3H away from the toe of the
slope would be sufficient for analysis purposes, as the
stress changes induced by the excavation that far would
be very small and hence the lateral boundaries would not
significantly affect the final state of stress after ex-
cavation. This assumption proved to be very gocd, as the
stress changes close to the lateral boundaries obtained
from the analysis have been found to be small and, in addi-
tion, the transition in stress orientation close to these |
boundaries is smooth. The position of the lower boundary

which is assumed to be a harder layer of rock, does influence
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the stresses in the slope region. 1In the present analysis,
it has been taken to be at a depth H below the base of the
excavation. The boundary conditicns used in the analysis
are also shown in Fig. 5.2.3. As it can be seen, the
lower boundary is assumed to be fixed (no horizontal or
vertical movements allowed), simulating full adhesion be-
tween bedrock and the softer clay layer above. The lateral
boundaries are allowed to move vertically (zero reactions
in the vertical direction) but not horizontally. Finally,
the upper boundaries {ground surface after excavation) are
allowed to move freely in any direction.

The finite element meshes used for the two slopes
are also shown in Fig. 5.2.3. The number of elements used
and their arrangement were selected in such a way that
their size would be small close to the slope where the
stress gradient is maximum and large away from the slope
where the stress gradient is small. In addition, an effort
was made to use as few elements as possible, withcut con-
siderably affecting the accuracy of the results, in order
to reduce computer time. A total of 147 elements for the
3:1 slope and 93 elements for the 1.5:1 slope have been
used. Also, the bandwidth of the resulting stiffness
matrix, on which actually the computer time depends, has
been reduced to 11 for the 3:1 slope and to 10 for the

1.5:1 slope. The bandwidth is empirically found as the
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'maximum~difference between the numbers of any two nodes
(belonging to the same element) of any one element of
the mesh.

Due to program limitations, several loading assump-
tions had to be made for the slopes being analyzed. The
basic limitation is that the program does not allow for
any inclined stresses or non-uniform stress distributions
to be applied on the sides of an element (i.e., only
uniformly distributed normal stresses are allowed). How-
ever, concentrated forces of any direction are allowed on
the nodes of an element (these forces are eventually an-
alyzed in x and y directions). Fig. 5.2.4 shows the lcad-
ing assumptions that had to be made. The continuous tri-
angular normal stress distribution along the slope has
been approximated by a number of uniform normal stress
distributions, one for each element along the slope. The
continﬁous triangular shear stress distribution along the
slope has been approximated by a number of concentrated
shear forces, one on each node along the slope. These
shear forces have subsequently been analyzed into two
components, one horizontal and one vertical. Fig. 5.2.5
shows the details of the approximation of the continuous
shear stress distribution by concentrated nodal forces.
Notice that the stresses have been normalized with respect

to XH' and the lengths have been normalized with respect
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to H,‘wherehx is the unit weight of the soil (dry, satur-
ated or buoyant depending on the case) and H is the height
of the excavation.

The actual normal and shear stress distributions
induced by the excavation along the side and the bottom
of the cut are computed from the vertical and horizontal
geostatic stresses EV and 6. which existed there before

h

excavation:

6=y and  G=Ky2 7

where z is the depth from the crest of the slope. The de-
tails cf these computations are shown "in Fig. 5..2.6 from

which we finally find that:

6 4 1l
s (14K) + E(y_k)cosZp (8)
7"% - - .21_ (1-Kk)sin2p (9)

where B is the angle between the side of the excavation
and the horizonfal. Using the above two relationships, the
values of 9?H and EA&H have been computed as a function of
z/H for the two slopes and the various coefficients of
earth pressure at rest K. These values are presented in
Table 5.2.1. Tables 5.2.2 and 5.2.3>have been derived
from Table 5.2.1 and give the values of Q/}H and “E/YH at -
various normalized depths z/H. Notice that @4H has been
computed at the midpoints between nodes and'?éH has been

computed at the nodal points along the slope. This relates
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Table 5.2.1
‘ Geostatic Stresses Before Excavation

Along a Line Inclined to the Horizontal

\ e
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Table 5.
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Geostatic Stresses Before Excavation

Along a Line with Slope 1.5:1

¥
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Table 5.2.3

Geostatic Stresses Along a 3:1 Sloping Line Before Excavation
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to the way the normal and shear stress distributions are
approximated. The value of 6/&H at the midpoint between
nodes is used as the value of the assumed uniform normal
stress distribution between these two nodes. The valué

of ?VVH at the nodal points is substituted into equations

(1) and (2) of Fig. 5.2.5:

T;

RX; = —X” mH, (10)
T

RZi = F HAb (11)

where the subscript i refers to node i, m‘is the slope of
the excavation (m:1) and HAB is the vertical distance be-
tween two consecutive nodes along the slope. From these
expressions, the horizontal and vertical components of

the appreoximated shear force 'ﬁ at node i are computed and
are presented in normalized form in Tables 5.2.4 and 5.2.5.
Notice that in and RZi have originally been normalized
with respect to XH and also that they represent forces
per unit length of the slope (length perpendicular to the
plane of the section we analyze). Hence the units of in
and RZi are gé%?— = L and consequently the ratios RXi/H
and RZi/H, which are given in Tables 5.2.4 and 5.2.5, are
pure numbers. The forces from these tables have been
entered in the program as boundary nodal forces and they
represent an approximation of the change in shesar stress

induced by the excavation along the side of the cut. The

stresses €/XH from Tables 5.2.2 and 5.2.3 have been entered
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Shear Forces Applied on the Nodes Along

The Slope--Slope M:1—H = 0.2H, M= 1.5

AB
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Table 5.2.5

Shear Forces Applied on the Nodes Alogg the Slope 103
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in the program as boundary element pressures and they
represent an approximation of the change in normal stress
induced by the excavation along the side of the cut.

It should be menticned here that Poisson's ratio
was taken equal to V = 0.45 for the analysis. Poisson's
ratio for soils primarily depends on the density of the
soil and the level of deformation (Lambe and Whitman,
1969). The value of v is small for small deformations,
when the volume of the material decreases. However, for
larger deformations Vv increases and it can even beccme

greater than 0.5 because of expansion of the material.

The value selected (¢ = 0.45) is close to the ones usually

used in Soil Mechanics for elastic analyses (Duncan and
Dunlop, 1269; Lysmer, 1978). Fortunately, the value of

Y usually has a relatively small effect upon engineering

104

predictions. The modulus of elasticity used for cur analysis

is E = 100 yH (it has been entered in the program as E/ y'H).

Actually it is not very important what E we choose since

we are not interested in the deformations developing; a

linearly elastic analysis can usually give good answers for

stresses but very seldom can it give reliable answers for

deformations, unless E is relatively constant in the range

of stresses expected to develop and is reliably known.

The program initially computes the final horizontal

and vertical stresses 6x andé§ as well as the final shear

stress Txy on horizontal and vertical planes at the
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center of each element and from these it computes the
principal stresses 61 and 6,, the major principal stress
direction, given by the angle 0 (which will be subsequently

defined), and the maximum shear stress Tmax' Fig. 5.2.7

gives the equations used by the program in order to com-
G . . : . I -

pute 61,65, and Tmax It also gives the sign conven

tions for GX, 6,7 ,6,T and 6 . The angle # is the

Yy Xy _
anglé between the horizontal axis (x-axis) and the direc-

tion of 61. The value and sign of @ are determined as
follows:
If we call o = tan_l(7§1§L>, then:
- | ’y9=_i: , if 6.>8
(1) If  (6x+6y) ¥ O 0=2+2-  if 6,6 £5,>
6=3-T \ if <6 §7,e

(The above sign conventions are given by R. Goodman in his

lectures of Rock Mechanics, 1979).

ng , if 6.¢6,
) T ' 6, & T, <!
(i) 1£ (6,+6,)40 0=+ ,if €26 § T,
. l‘l“ .><
9’“5“1 , i Beyly § Ny

(The latter sign conventions were developed for use in the
present analysis in conjunction with the sign conventions

for GX + 6y > 0 given previously).
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Y \
Stresses are corsidered
positive when directed
as shown.

6, T ¢
I
T ad
xy A5
Ty x

{

=‘z“(“6)+1/(6 “0) "+ 4 ()

S A R A= R TG
L 27T,

anl@ = \L . [5)
_éy

—mcxx - 2 /[5 j + 4[ = 61;65 - [4)

Fig. 5.2.7 Definitions and sign conventions for

61 5! T land 9'

1 3 max
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The program output gives the following:
—EL. NO.: Element number. .
—X: x-coordinate of the center of the element.
—Y: y-coordinate of the center of the element.
—X-STRESS*: Horizontal normal stress at the center of

the element expressed as a % of XH' i.e., 6h,ioo.

JH

—Y-STRESS*: Vertical normal stress at the center of the

element expressed as a % of YH, i.e., @;,100 .

{
—XY-STRESS™ : Shear stress on vertical and horizontal
planes at the center of the element expressed as a
2 of yH, i.e., Txy, 100 .
H
-——MAX-STRESS*: Major principal stress at the center of

the element expressed as a % of XH’ i.e., fﬁ.:lOO .

Y}l
—MIN-STRESS*: Minor principal stress at the center of
the element expressed as a % of XH, i.e., GZ 100 |

—ANGLE: Angle between the direction of Gi and the hori-
zontal measured counterclockwise, i.e., the angle
0 defined above.

.——MAX—SHEAR STRESS: Maximum shear stress at the center

of the element expressed as a % of XH, i.e., Eﬁm:uoo.
. H

*The first line in the output gives the stress change
induced by the excavation, while the second line gives the
final total stress after excavation. Also notice that all
the stresses are total stresses.



The computer output from this anélysis is presented
in Appendix 1. 1In the following Figures 5.2.8 through
5.2,%§, contours of the ratio ‘tmax/be have been plotted
for both 3:1 and 1.5:1 slopes and all four coefficients
of earth pressure at rest (K = 0.875, 1.07, 1.45, 1.88).
The principal stress vectors after excavation for the
aforementioned slopes and K values have been drawn in Fig.
5.2.16—5.2.23. Fig. 5.2.8—5.2.23 present only that part
of the sections analyzed, which is of main interest for
slope stability problems. These plots have actually been
carried out to the boundaries of the sections analyzed in
order to verify the assumption that the f£inal state of
sﬁress after excavation is not seriously affected by the
lateral boundary conditions.

An analysis similar to the‘above has been made by
Duncan and Dunlop (1969). . Some of the results of the pre-
sent analysis were compared to theirs and a very good agree-
ment was found for both wvalues of Tmax /6'H and principal
stress directions, despite the fact that a considerably
smaller number of elements have been used in the present
analysis (the sections  analyzed here are of the same size
as the ones analyzed by Duncan and Dunlgp).

A different type of analysis that can be made in
lieu of the one previously presented is to run the program
for various HP/H ratios, instead of varibous K values, where

Hp is the equivalent height of so0il which has precompressed
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the site and H is the height of thé excavation. Notice
that if ﬁp is the precompression pressure (maximum past
effective pressure that has been applied on the site),
then Hp = ﬁ>/ Y - By doing such an analysis, K does not
have to be a;sumed the same at all depths, but it can
decrease with depth, according to the overconsolidation
ratio (OCR) existing at various depths. Assuming that
the ground water table is very deep, OCR at depth z can

be computed as follows:

OCR = _liiiig =1 + _&L =1 + %/ﬂ (12)
re z 2/M

Hence, for a given HP/H' the stresses kbefore excavation at

depth z are:

6,= (= | (13)

Il

Gh - KXZ (13a)

where K at depth z is a function of OCR. OCR at depth z

can be computed from the expression given above and then,
knowing OCR, K=KO can be obtained from the plots of Brooker
and Ireland (1965) presented in Fig. 5.2.2. This way dif-
ferent values can be assigned to K at various depths, tﬁus
more closely approximating the actual initial state of
stress at the site. ©Notice that if the clay is very highly
overconsolidated, then Hp is much larger than all the values
that z can take between O and 2H (which is the maximum depth

for which we have analyzed) and consequently OCR will be



128

very large for the range between O and 2H. From the plots
of Brooker and Ireland (Fig. 5.2.2) we see that Ko becomes
relatively insensitive in changes of OCR, once OCR gets

to be greater than 8.

We have made such an analysis, in addition to the
one which assumes constant KO with depth. The results of
this analysis apply to the clay we have been using‘for our
tests, as well as to all clays whose plasticity index is
approximately equal to 40%. The way we have approached
the problem is as follows:

—We first plot KO vs. loglo(OCR), for PI=40%, from

the data of Brooker and Ireland (1965). This plot

is shown in Fig. 5.2.24.

—We thén fit a curve through these points. The

equation for the curve of Fig. 5.2.24 (corresponding

to PI=40%) is: |

K, = 0.64 + 0.93 [log  (0CR)]™"> (14)

—Substituting OCR from equation (12) into equation

(14) we get:

H/H 1.5
K = 0.64 + 0.93 [log,. (1 + B —)1~" (15)
o) lO' 7 /H

Equation (15) gives us K, as a function of depth for
a given ratio Hp/H.

—Assuming K = Ko’ equation (15) is used in order to
enter the initial stresses 6V fd’z and.Gh = KJ,Z

in the program. Actually, equation (15) has been
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plugged into the program and one neeas.only to
specify in the input what Hp/H he is analyziﬁg ﬁor.
Depending on what depth an element is at (as defined
by the y-cocordinate of the center of the element),
the program finds what is the K for that depth, by
using equation (15). It subsecuently finds the ini-
tial stresses GV and Gh using equations (13) and
(13a), where the depth z is the same as the y-coordi-
nate of the center of the element. Using this néwly
defined K it is also found what are the normal and
shear stress changes induced by the excavation along

+he bottom and the side of the cut.

Using this latter approach of variable K with depth,
a 1.5:1 slope nas been analyzed for six different preconsoli-
dation pressure ratios Hp/H, namely:

HP/H’= 0.5, 1.0, 3.0, 7.0, 15.9, 31.0.
Table 5.2.6 gives 5/3/H and T/JH before excavation as a
function of depth ratio 2z/H along a plane with slope 1.5:1.
Table 5.2.7 gives the shear forces RXi/H and Rzi/H applied
on the nodes of the elements élong a plane with slope 1.5:1,
before excavation. In making Tables 5.2.6 and 5.2.7, the
same procedure describéd earvlier for Tables 5.2.2 and 3.2.4
has been fcllowed. Fig. 5.2.25, 5.2.26, and 5.2.27 show
the stress changes AQ@% and AI/XH induced by the excava-
tion along the 'side of the cut, for three d;fferent precon-

solidation pressure ratios HP/H' namely HP/H = 0.5, 3.0, 31.0.



Table 5.2.6

Geostatic Stresses Before Excavation

Along a Line with Slope 1.5:1

= Hofy= 0.5 [Hpjy= 1.0 lhp = 3.0 |Hpjy= 7.0
| H [T n | S | T | e | | e | e
o | 0.0l 00 l .0:0 0.0 | 0.0 | 0.0 | 0.0 |¢.0
0.1 0.40860._04.23 0-1#93 10,929 0.4410 0.05/5 0.1610 10,0915
0.2 0.200800.0012 0.2171 0.0257 |0.9535|0. 0802|0.2890}0.1334
05 0,2‘?96 '0.0}4_{3 0,_5/(’)5} 0.0!56 0 3550 0.0870 03406“7 0./‘6_03
04 0 57% -00306 0.4016 0.00?4 %0.%33 0.087410.5190 0.178%
0.5 o,\l46?'2 ~0.047 0,47{8.'0..&123’0. 555810,0837|0.6271 10.1907
0.6 09>67 0,064 o.séf'a 401023.1 04514 |0.0771 0.75230.1945
0.7 (0.6451 ~0.0823 0.6‘704 ~0,0 4440, 7456 0,0254 \0.5353 é,2@30*
0.% 0._17‘335 ‘:‘&.0777 0.75‘72‘ ’0.06?2'0.5388 0. 058? ’0.\4365 0.2048
0.9 |0.52201-0.0071|0.6475|-0.075110.9312 |0.048 10363 0. 204
0 lo ‘i)qtf -0.1344|0.9365 70,095 3. 0229 10,0347- 14348 |0.2022

129
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Table 5.2.6 (continued)
Geostatic .Stresses Before Excavation

Along a Line with Slope 1.5:1

Hp /y = 15.0 | &% =31.0

=, |-
L Yen | |

o | o 0 o | o

0.4 |0.1810{0.1204|0.2015 |0.1523
1 0.2 10.225500.188200. 36371 0.2456
0.3 10.4583|0.23750.5129]0.319¢ |
. 0"’,‘4?/ ‘0;-594;0,2‘765 0.\6&5‘5 0.3814
0.5 (07052103078 0.7899 |0.4349
0.6 10.9225/0.3338(0,9214 [0.4320
0.7 [0.9369|0.35541.0443 |0, 5240

0.8 |1.0490|0.37351.4744|0.561%

0.7 11590 |0.38¢5(1.2971 |0.595$

1.0 |1.2673|0.4010|1.4176 0. 6265

|
|
L
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‘Table 5.2.7

Shear Forces Applied on the Nodes Along

the Slope—Slope M:1-

HAB

0.2H, M=1.5

() 5(2)

Hr/h=0.50 Hp /o= 1.0 |ty fy= 3.0 | Hp/y=7.0 |
NOPELE L IRX RZ; /) RX: fy \RZis (R IRE; /1R 7, [RE, |
x407| x 107 x10*| x10%| x10* | » 40| x40%| »10®
2 0o VOA.co% 0:0031 0.096%\0, 0642 0.3057 0.2005)0.500¢% 0.3336:
. 43 ’é’.z | o,o,;ég'a.qu 0.770910.5139 24060 1.6040 4.0032 (2 6688 ’
36 jo.4 —o;.éf»'73 ~0.61150.0733]0. 0498 2.62431.7476 5. 353 a.sm;
| 30 ’c,,.va *1.\4&‘73j:.z-qeé*0:342&,’0.66!# 2. 3127" ?.5%8 5.9552(2.4701 f :
25 | 0.8 21703 19935 .53 |-1.2131| (7467 11605 |6 149e|.093]
21 | 4.0 |-1.886210.2575 11, 3010 - 0.86740-6041(0.4033(5.0430{2.0257 |
s Tk - KX Tom ey
RZ;'= %%: » . z%?i - fj;?w i:a C@) |
Node 51 Indtead of « _r_ﬁ use Tes Y7 611073*5;'0:75 ar
L - Z A
Node <1 Instead VA of T yge 3Tz + Ls 17" expressian
: o 7 5_(//#



Shear Forces Applied on the Nodes Along

the Slope—sSlope M:l--HAB

Table 5.2.7 (continued)

0.2H, M =1.5

| | h‘p/H =15.0 Hp/“ =31.0
NOSE |\ B IRX; f IR | Ry, |RE:
«{0% | x10" | x10* | x10®

51 .,O’ 0.7058 10,4705 | 0.9209 | 0. 6140
s 0.2 5.44503;75_40 7.3675(4.9117
3¢ | 0.4 |s.2688 "s.szsaiu.qcus 7.6275
3{53'. 0.6 40;01735 6.6757 19,4609 ‘5,6405
2‘5)' lo.8 lin.205|7.4690116.8982 1.2324
21 1o {506 3.9411 | 2.1537 | 6.1025

132
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Notice that the distribution of 46/ yH with depth remains
almost linear and triangular, as it was under the assump-
tion of constant K. However, the distribution of AT/B'H
with depth is no longer linear and it alsc changes sign
for small precohsolidation pressure ratios (see for ex-
ample Fig. 5.2.25). ©Notice also that as the preconsolida-
tion pressure gets high (for example HP/H = 31) the A4t/ y H
distribution tends to become triangular and linear, i.e.,
similar to the distribution of AJ/KH which is obtained by
assuming the same value of X everywhere. This is consistent
with the remark made earlier, namely that the assumption
of constant K is not very bad in cases of high overconsoli-
dation ratics, because the value of Ko becomes relatively
insensitive for changes of OCR in the range of high OCR
valueé.

By comparing the results of the two analyses it
is found that both give reasonably close values for the
magnitudes of the principal stresses after excavation, at
a certain depth z, provided that the comparison is made for
the appropriate values of K and HP/H. By that it is meant
that, if the depth of the element is z, then the appropri-
ate K is the one corresponding to OCR = 8;/33 , while
the appropriate H /H is: H_/H = an-1)~§-= (jé..{)‘

p p H §2

However, the directions of the principal stresses in the

K = constant analysis are not concentrated as much around

§ = 45° as they are in the HP/H = constant analysis.



5.3 Summary

A finite element analysis of the stress changes in-
duced by an excavation behind a slope has been made and
has been presented in this chapter. The analysis has been
performed on a homogeneous, linearly elastic, isotropic
material. The results are considered to be good for
stress magnitudes and orientations so long as the stresses
are lower than the peak. Two types of analysis have been
performed:

—The coefficient of total earth pressure at rest,

K, is assumed to be the same everywhere behind the

slope.

—The preconsolidation pressure ratio, HP/H, is

assumed to be constant for a given site and K varies

with depth according to an empirical relationship.

The results of the finite element analysié serve
several purposes:

—They give a qualitative picture of the effect

6f OCR and cut slope on the magnitudes and directions

of pfincipal stresses after excavation.

—They help in the determination of the TSP for any

soil element behind the excavated slope.

—They provide information about the stress distri-

bution along any potential failure surface.
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6. TESTING PROGRAM

6.1 General
As it was mentioned earlier (Chapter 4), one needs
to run stress path tests on samples obtained from locations
behind a slope corresponding to those which were selected
in step 2 of the stress path method algorithm. It was
noted in section 4.2 that one can either use undisturbed
samples to run the stress path tests or reconstituted
samples. It has been chosen to run the stress path tests
on reconstituted samples from the Friars Formation basically
for two reasons:
—Most of the samples that were available were bag
camples. The only undisturbed sample :‘available was
a box sample from Rancho Bernardo, but that sample
alone would not be enough to trim an adequate number
of samples to run all the tests that had been planned
for, especially considering the fact that the sample
was very fissured and consequently an appreciable
quantity of it would be spoiled just by trying to
trim small vertical and inclined samples to run
the stress path tests.
—It was desired to test samples which would pe
uniform and almost identical among them in all re-
spects (composition, structure, void ratio, etc.),

so that any differences in strength and behavior



obtained would not be attributed to any differ-

ences among the samples themselves.

As it will be explained in more detail in the next
section, a serious disadvantage of the chosen approach was
that it was impossible to reproduce the original sample
in the laboratory, both in terms of preconsolidation pres-
sure and in terms of structure. However, it was still pos-
sible to draw conclusions of general applicability since
two different testing approaches were being compared. Of
course, depending on what kind of samples one uses to compare
the two approahces, the differences may be more or less pro-
nounced. Such a study, where different kinds of samples are
tested in conventional triaxial tests and stress path tests,
would have as its objective to reveal the differences in
strength and behavior occurring as a result of the testing
approach for various types of soils. Such an extensive
study was deemed outside the scope of this project and it
was not pursued. Consequently, our conclusions apply to
non-fissured, very plastic, lightly to medium overconsoli-
dated clays.

The preparation of the reconstituted samples together
with scme classification tests that were performed are
described in the following Section 6.2, while the stress
‘path tests are described and their results are presented

and discussed in Section 6.3.
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Among other things, one of the objectives of this
project was the measurement of the residual strength of the
Friars Formation claystone. In order to select the type
of test that should be used to measure the residual strength,
all the methods available for such a measurement had to
be compared. A critical presentation of the available
testing techniques for measuring the residual strength
in the laboratory is given in Section 6.4. Section 6.5
on the other hand deals in more detail with the particular
testing technique.we-decided to ?se. In the same section

the results of these tests are presented and discussed.

6.2 Sample Preparation

As it waé ﬁentioned in the previous paragraph, it
was decided that the stress path tests would be run on re-
constituted samples. However, a problem that was faced
right from the beginning was’the fact that the original
sample was so stiff that remolding it was practically impocs-
sible. For this reason a different procedure was followed
in preparing reconstituted samples. The original sample
Qas first air-dried for several hours, until its water
content dropped to about 10%, it was then broken down
into small particles (Fig. 6.2.1) by crushing it through
a series of crushers and it was subsequently mixed thor-
oughly with distilled water (Fig. 6.2.2) forming thus a

slurry of 80% water content (Fig. 6.2.3) (the liquid limit
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of the crushed soil was 63%). It should be mentioned here
that air-drying the original sample resulted in an increase
of both its liquid limit (LL) and its plasticity index (PI),
while its plastic limit (PL) remained almost the same.

The Atterberg limits of the original sample were:

oe

LL = 52%, PL = 26%, PI = 26%,
while for the air-dried sample they were:

LL = 63%, PL = 25%, PI = 38%.
Similar observations on 0.C. plastic clays have been made
by Bjerrum (1966), who for example reports that the Atter-
berg limits of Little Belt Clay were changed from LL = 178%,

PL = 46%, PI = 132% for the original moist sample, to

LL 205%, PL = 52%, PI = 156% for the air-dried sample.
According to Bjerrum (1966), there are groups of particles
bonded togeﬁher'so strongly that even the powerful agents
of weathering have been unable to separate them. However,
according to A. Casagrande (1949), if the sample is first
dried in air and then soaked in water, an almost explosive
disintegration occurs as a result of the capillary forces
and this will cause a substantial increase in the liquid
limit. Conversely, oven drying leads to a baking together
of the particles leading to liquid limits smaller than the
value determined on the untreated clay. It should be
pointed out here that the PI that has been used in the

calculations (e.g., for estimating KO; see Chapter 5) was

not the one corresponding to the original sample, but the
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Fig. 6.2.2 Mixing crushed soil with distilled water.
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FPig. 6.2.3 Slurry of 80% water content (just
before it was poured into the con-
solidation chamber). '



one corresponding to the air-dried sample. In fact, the
number ﬁas been rounded to 40% for calculation purposes.

After the slurry had been prepared, as described
previously, it was poured into a stainless steel consoli-
dation chamber 12 inches in diameter by 10 inches high
(Fig. 6;2.4, 6.2.5, 6.2.6) and it was consolidated for
132 days under incrementally higher consolidation pres-
sures: 0.25, 0.50, 1.00, 2.00, 4.00, 8.00 Kg/cm?.

The whole set up for the consolidation of the slurry is
schematically shown in Fig. 6.2.7 (see also Fig. 6.2.8),
while Fig. 6.2.9 gives a detail of the consolidation
chamber. The pressure was apélied bv a piston which was
forced upwards by air pressure, supplied through a pump.
The pump was used in order to raise the house pressure
from 7.04 Kg/cm2 (100psi) to a maximum of 8 Kg/cmz.

The purpose cof making a slurry out of the original
sample and consolidating it into the consolidation chamber
has been to simulate the geologic history of the clay, i.e.,
deposition and subseqﬁent consolidation under the over-
burden pressure. The simulation of the geologic history
of the clay in the laboratory, however, is not perfect, be-
cause the clay has been consolidated in the field for thou-
sands of years and has undergone a considerable amount of
secondary compression. In addition, chemical alterations
have taken place during that long period of time, as it

was explained in Section 3.4. Notice that the slurry has



Fig. 6.2.4 1Interior of consolidation chamber.

Fig. 6.2.5 Slurry already poured into consolidaticn
chamber.

-

n



=215 6

Consolidation chamber.

k3



147

PRESSURE

s
v »

PRESSORE. ' 4
DiIAL GAGE, O

Ers ;:/if ;"f'f};fj'\ . ,.// Y PIR L g 7 Trrr e r o T

_QS’V.‘G%‘?/@ ﬁ «~ PUMP PRESSORE
‘\3 v g &5 GAGE
A (0

Fig. 6.2.7 Schematic representation of consolidation set up

(nAa+ in e~ala)



148

Fig. 6.2.8. Set up for the consclidation
of the slurry.
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been consolidated for a quite long period of time, so that
at least part of the secondary compression can take place.

At this stage of the preparation of the reconsti-
tuted samples, the problem was encountered that, due to
several limitations of the apparatus, the application of
as high consolidation pressures as the clay had felt in
the field in its geologic history was not possible. Such
limitations were:

—The air pressure regulator's maximum output was

150 psi (10.56 Kg/cm?).

—The tubing could withstand a maximum of 200 psi

(14.07 Kg/cm2)¢

—The consolidation chamber had been designed for a

maximum of approximately 12 Kg/cmz.
Due to these limitations, we were forced to apply a maxi-
mum cocnsolidation pressure of 8 Kg/cmz, which is consider-
ably lower than the effective preconsolidation pressure of
the original sample. The latter has been estimated to be
approximately 29 Kg/cmz. This estimation was based on the
e-logp curve (shown in Fig. 6.2.10), obtained from thevcon-
solidation of the slurry, and on the water content of the
original sample. 1In the above, e is the void ratio of
the sample at an effective consolidation pressure p. The
estimation of the preconsolidation pressure was made as
follows:

—The virgin compression part of the e-logp curve

was first extended tc the higher consolidation

e
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pressures (above 8 Kg/cmz).

—Second, it was assumed that the original sample
was saturated and that it came from a very shallow
depth.

—Having the water content of the original sample
(20.3%) and using the previous assumption, a point
on the rebound curve of the original sample was
obtained at the low consolidation pressures (it is
reminded here that e = WGs’ for a saturated sample,
where w is the water content of the sample and GS
is the specific gravity of the solids).

—Using the slope of the rebound curve (see Fig.
6.210), obtained by rebounding the slurry.from

8 Kg/cmzbto 0.10 Kg/cmz, with 31 days, in 3 steps
(8—4+~2, 2—-0.50, 0.50—-0.10 Kg/cmz), a rebound curve
for the original sample was drawn, starting from
the point at the low consolidation pressures, ob-
tained as described above. The rebound curve for
the original sample intersects the extension of

the virgin compression curve at a point corresponding
to a consolidation pressure of 29 Kg/cmz. This has

been taken as a first approximation of the preconsol-

idation pressure of the original sample.

It should be emphasized here that this is only a

crude approximation, since the position of the virgin
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compression curve depends substantially on the amcunt of
secondafy compression that has taken place and which is

of course smaller in thé consolidation process of the
slurry than in the consolidation process of the clay de-
posit. In addition, the slcopes of the rebound curves of
the slurry and original sample are not necessarily the
same. According to Bjerrum (1966) the slope of the rebound
curve depends a lot on the diagenetic bonds that have been
formed with time and the stronger the diagenetic bends,
the smaller the amount of swelling for the same decrease
in effective cbnsolidation'pressure.

The settlement-log(time) curves both for the con-
solidation and the rebound phases of the slurry are pre-
sented in Appendix 1. Fig. 6.2.11 presents the cv—logp
curve, where <, is the coefficient of consolidation of
the sample at an effective consolidation pressure p.

It should be mentioned here that during the consol-
idation of the slurry, adhesion developed between the clay
and the stainless steel sides of the consolidation chamber.
This adhesion has been estimated to be in the order of
0.50 Kg/cmz, because that was the pressure we had to apply
on the piston in order to be able to force the sample out
‘of the chamber. Following that, 0.50 Kg/cm2 have been sub-
tracted from the maximum préconsolidation pressure that has
been applied on the slurry; thus the maximum preconsolidation

‘pressure of the slurry is 7.50 Kg/cmz.
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After the slurry had been consolidated and rebounded
for a tétal of 163 days, it was forced ocut of the consoli-
dation chamber (Fig. 6.2.12), it was weighed and finally
it was covered with Saran plastic wrap (Fig. 6.2.13),
sealed into a plastic bag and stored into the humid room,
in order to be later used for the stress path tests on

reconstituted samples (described in the next Section 6.3).

6.3 "Stress Path" Tests

Before describing the "stress path" tests  the way
one can estimate a stress path based on the results of his
stress analysis will be discussed. It will be actually
shown how the stress paths have been estimated in the
present case, based on the results of the finite element
analysis performed, and which was described in Chapter 5.
This section will be closed with a presentation and dis-
cussion of the results of the "stress path" tests which
have been run on the reconstituted samples from the Friars
Formation.

a. Estimating the Stress Path

In principle one can draw the total stress path (TSP)
if he has performed a stepped analysis of the excavation
and knows what the total stress changes induced by exca-
vation at each step are. The stress path can thus be
drawn for ahy point behind a slope, but usually this is

done for one or more points selected along a potential



Fig.
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5.2.13

Reconstituted sample immediately
after rebound,

Sealing reccnstituted sample for
storage in humid roomn.
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failure surface, as it was explained in Chapter 4. 1If,
however; a stepped analysis is not available, then one
can only draw the TSP as a straight line connecting the
points corresponding to the initial and the final states
of stress. The initial state of stress‘'is estimated from
the geologic history of the site or from ccnsolidation
tests (by determining the preconsolidation pressure).
The final state of stress is found from some kind of
analysis as it was described in Chapter 4. Once the TSP
has been drawn, one needs to make some kind of an assump-
tion about the pore pressure changes that are going to
develop, because of the stress changes induced by the
excavation, in order to be able to draw the effective
stress path (ESP). For a given change in total stresses
Aé, and Aéa, the pore pressure change induced, under
undrained conditions, is:

Au = B.AG, + A (M- 16 (1)
where B and A are the pore pressure coefficients, first
defined by Skempton (1954). B has a value close to 1 for
saturated clays while A varies during deformation of a
sample or of a soil element in the ground. 7The value of
3 at failure, denoted as Xf depends primarily on the OCR
of the clay. 1In general the higher the OCR of the clay,

the lower is Xf; A_. can even become negative for highly

£
0.C. clays. Since B can be estimated with some degree of

accuracy, if the clay is not saturated, or it can be

157
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assumed equal to 1, if the clay is saturated, drawing the
ESP is-dependent upon the assumption made about the value
of A. A is 0.33 for linearly elastic materials, while it
varies for non-linear, non-elastic materials such as clays.
A first estimation of A can be made using published data
for various types of soils and various degrees of over-
consolidation. Such a typical set of values is given in
Table 6.3.1 (from-Lambe and Whitman, l969),rfor two dif-
ferent stress levels and various types of soil and OCR.
Typical values for B, are also included in the same table,
for various types of soil and rock and various degrees of
saturation. Once an assumption about the value of A has
been made, equation (1) can be used to find the pore
pressure change Au, coffespondiné to the principal total
stress changes Aﬁl and A63, induced by excavation.

It should be pointed out here that principal stress
reorientation accompanies the excavation of a slope in a
clay deposit, and in such a case the principal total stress
changes will not in general be numerically the same as
the changes in principal total stresses. Having estimated
Au from equation (1), the ESP for the stress changes in-
duced by excavation can be drawn. If the change in pore
pressures turns out to be negative {which is typically the
case for 0.C. clays), then the long-term equalization of
pore pressures will lead to an increase of pore pressures

with time. This part of the ESP will be horizontal



Table 6.3.1

Typical Values of Pore Pressure

Parameters Z and B.

(from Lambe & Whitman, 1969)

VALUES OF PARAMETER B

Material S(%) B Reference
Sandstone 100 0.286
Granite 100 0.342
Marble 100 0.550  Computed from
Concrete 100 0.582  compressibi-
Dense sand 100 0.9921 lities given by
Loose sand 100 0.9984  Skempton (1961)
London clay (OC) 100 0.9981
Gosport clay (NC) 100 0.9998
Vicksburg buckshot
clay 100 0.9990 M.LT.
Kawasaki clay 100 0.9988 to 0.9996 M.LT.
Boulder clay . 93 0.69 Measured by
87 0.33 Skempton
76 0.10 (1954)

VALUES OF PARAMETER A

Material (S = 100°)

;(at failure)  Reference

Very loose fine sand
Sensitive clay
Normally consolidated clay

Lightly overconsolidated clay
Heavily overconsolidated clay

Material (S = 100%;) (for foundation settlement) Reference

Very sensitive soft clays
Normally consolidated
clays
Overconsolidated clays
Heavily cvercon-
solidated sandy clays

2to3 Typical
1.5t025 values
0.7t01.3 given by
0.3 to 0.7 Bjerrum
—0.5t00
A
>1
From
btol Skempton
1to} and Bjerrum
(1957)
Oto}
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(parallel to the P axis), since pore pressure egualization
takes place under constant shear stresses. ‘A typical
stress path both in terms of total stresses (TSP) an& in
terms of effective stresses (ESP) is shown in Fig. 6.3.1
for an O.C. clay.' Notice that there is an additional por-
tion of the ESP (CD), which corresponds to a raise of

the ground water table (GWT). This is also a constant

g process (assuming no significant change of the unit
weight of the soil). Notice that the TSP is a point
(point C) both for the pore pressure equalization and

rise of GWT phases, since no change in total stresses
occurs; only pore éressures change (again we assume no
change in ¥ otherwise the total stresses woula have also
changed; this is a good assumption if the soil is almost
saturated, otherwise y may be significantly increased by
the processes of pore pressure_ equalization and r%se

of GWT).

The foregoing discussion refers to the estimation
of the stress path from the time excavation is started
until the slope fails or it comes to a long-term equi-
librium. However, it is also necessary to estimate the
stress path for the geologic history of the clay depogit,
from the time it was first deposited until the time ex-
cavation was started. A consolidation test usually proves
very helpful in estimating the p;econsolidation pressure

of the clay deposit at any depth. If the PI of the clay
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Point A: Initial state of stress before excavation [né exceis
pore presiures asiumesd) .

Point B: Final state of sfress immediately after ¢xcavarion,
| ‘ n terms of ¢ /eC/v've siresres.
Point C : Finad state of shess /mmedra affer Cxcavation,
in terms of ‘fofad 1fredsen ; altol, Anal stale of ries
after pore pressure qua/ifar%» [/:?—l-um), /r2
terms both of effechive § ftal sfresef (no “excess o
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Point D: Failure after furflor increase of pore presivres bey
He point "of pove presiure equaliiafion (eg- because
of a raise’ iy irmui water  table).

Fig. 6.3.1 Typical stress path for an excavated slope in

an 0.C. clay deposit.
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is known, then one can use the Brooker and Ireland's
results (see Fig. 5.2.2 in Chapter 5) to estimate Ko for
various OCR. Having K, as a function of OCR, then the
stress path for the geologic history‘of the deposit can
be drawn as follows (see also Fig. 6.3.1):

—Having Ko for OCR = 1, which corresponds to the
time that the clay was normally consolidated (i.e.,
after the clay had been deposited and had been con-
solidated under the overburden pressure), line OW,
which correéponds to the deposition history of the
clay, can be drawn. This line has a slope equal to
(~%%£%L—) (where Ko corresponds to OCR = 1) and
it c;n‘Le réadily drawn. Point N corresponds to
the point of maximum preconsolidation pressure and
it can be located on the p vs. g diagram once the
effective preconsolidation pressure, ﬁp, ﬁas been

estimated (§N = T+ K pr.q. = _1-K
2

- fp0 N ——>—0o . fp).
—The path NA, corresponding to rebound of the clay
deposit as a consequence of vertical unloading (e.g.,
erosion, glacier retreat, etc.), can be estiﬁated
from the correlation of K0 tg OCR. For any vertical
consolidation pressure G;C during rebound (because

of erosion for example) OCR is defined as:

OCR = PE (2)
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Having OCR from (2), the estimated correlation be-
tween OCR and.Ko is used to get Ko' " Once Ko' which
cecrresponds to the above 6;0, has been estimated,
the point on the rebound stress path, corresponding
to Eéc, is defined by:

- / _ - _ ’
P = l2+KO . GVC' q 1 Ko .6VC (3)

The above calculations can be repeated for several
effective consolidation pressures during rebound,
until one gets to the present effective overburden
pgéssure (before excavation is started).

—Having defined several points on the rebound stress

path, curve NA can be drawn through these points.

Having described above the general guidelines on how
to estimate the stress path for an element in the ground be-
hird an excavated slope, the stress paths for the reconsti-
tuted samples that were prepared in the consolidation
chamber can now be estimated. As far as the stress path
for the geologic history is concerned, it is found from

Fig. 5.2.2 that, for PI = 40% and OCR = 1, KO = 0.64.

1-Ko _ 1-0.64 -
1+ KO '14‘0.64 0.22

or the angle g (see Fig. 6.3.1): p = tan” ' (0.22) = 12.4°.

Hence the slope of the Ké-line is:

Point N is determined from:

6.15 Kg/cm>

= 1+Ko . p_ = 1+0.64x 7.5 =
L e o
Gy = 1-Ko . B, = 1-0.64x7.5 = 1.35 Kg/cn’

2 2
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Thus line ON (X -line) is drawn,with an angle f = 12.4°
to the Qorizontal, up to point N (6.15, 1.35), corresponding
to the maximum consolidation pressure applied in the con-
solidation chamber (Fig. 6.3.3). Using again Fig. 5.2.2

for PI = 40%, several points on the rebound curve are found,
as described previously. Thus the stress path NA for the
unloading of the sample in the consolidation chamber
(simulating the erosion process in the original clay de-
posit) is obtained (Fig. 6.3.3). This stress path is ex-
 tended in the negative g range, which corresponds to

values of KO greater than one. It should be pointed out
here that all stress paths have been drawn in terms of
vertical and horizontal stresses, GV and Gh. Thus, a neg-
ative g value means that the horizontal stress is higher
than the vertical stress.

The part of the stress path corresponding to the
geologic history of the clay deposit is common for all the
reconstituted samples siﬁce they have all been prepared
under the same stress conditions. Notice, however, that
in an actual case, the preconsolidation pressure will de-
pend on the depth of the sample and hence point N will be
at different locations on the Ko-line depending on the depth
of the sample. The part of the stress path corresponding
to excavétion of the slope and long-term equalization of
pore préssures will be different for each sample, since

the total stress changes induced by excavation vary from
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Fig. 6.3.2 Principal stress rotation behind an excavated
slope--Definitions of various symbols.
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element to element behind the slope. For each soil

element, whose stress path is to be estimated, the

following are done (see also Fig. 6.3.2, element A):

Pl

—Having the depth z of the element, its OCR is

evaluated using the following expression:

OCR = _ Pp (4)
L2342

where §p is the effective preconsolidation pressure
(=7.50‘Kg/cm2 in our case), ¥1 is the unit weight of
the clay aboVe GWT,\Kg“ié the boyant unit weight

of the clay below GWT, z; is the depth of the GWT before

~excavation and z, is the depth of the elewment below

GWT (Fig. 6.3.2)7
—Foxr the above OCR,Ko is found from Fig. 5.2.2

and then the effective vertical and horizontal

stresses at element A before excavation are found,

as:

I —

6, = LhtUE, (5)
/

6, = K, (1,3, +1,2%)

These are also the principal stresses at element A
before excavation.

—From the results of the finite element analysis

(Appendix 1), the magnitudes and directions of the
final principal stresses after excavation are ob-

tained, for the slope and K0 which are applicable

in each case. Notice that if the slope, which is

being analyzed, is different from 1.5:1 or 3:1, one
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can interpolate or extrapolate between the results

5f these two analyses. The same applies for Ko’ if
it so happens that its value is different from the
ones we have analyzed for. If one wanted to use the
more accurate results of the Hp/H analysis, which was
presented at the end of Section 5.2, then he would
have to follow a slightly different approach. After

he would have determined the initial principal stresses
/
h

would next find the. ratio HD/H corresponding to his

/
Gv and 6. before excavation, as described above, he

case, as follows:

OCR = ;? = ﬁ”r*‘ﬁ2a+lez - f1%9. +1 = F#/%
éve (121+rbzz Y1ZI +31,32 _TL_Z_’ + E.Zz
Hp 5.0 & ' HHo
—_ P R-—1.-—"-_".___)
- (ocr-1) (H 3 v (6)

Using the HP/H found from (6), he would then inter-
polate or extrapolate between the results of the
appropriate Hp/H from the finite element analysis.
(Appendix 1), in order to find what the magnitudes
and directions of the final principal stresses (after
excavation) will be.

'Notice that the finite element solution applies
to a clay deposit whose unit weight is the same
everywhere. In addition, the analysis has been per-
formed in terms of total stresses. The above two
observations imply that an error is introduced if

the unit weight above GWT, call it fl, is different

+



from the total unit weight below GWT, call it 52’
ﬁowever, if the numbers do not differ appreciably,
then the error introduced is small and ore can use
an average for the whole slope, when working with
total stresses.

This is practically achieved by using an equiv-
alent J, which is obtained as the weighted average

of (i andaé, as follows:

(= V.25 + 1, (H-2)
H

If however, the difference  between (l and (2 is
significant, then a more sophisticated parametric
analysis is necessary, unless one wants torun an
analysis for specific values ofgi, Xz.and Zys in
which case LSTRN-3 can be easily used, even with a
layered soil profile.

—Having the final principal stresses (in terms of
total stresses) after excavation, the TSP can be
drawn as a straight line connecting the points cor-
responding to the initial and final states of stress
respectively (line AC in Fig. 6.3.1).

—In order to estimate the ESP an estimation of para-
meter A is needed, as explained earlier. Thé values
given in Table 6.3.1 are used as a first approximation.
Since the samples being tested are lightly to medium

0.C., the following ranges for A are obtained:



>
I

0.25 - 0.50, for low stress levels

>\
i

0.30 - 0.70, for high stress levels (close
to failure)
From the above ranges, A = 0.50 is used as a first
apprdximation throughout the test. Then from (1)
we get:
Au = B.bey + A (A6, = 86;) = B.AG, + 0,50 (A6, - A63)
Since the samples are saturated, B is very close to

1 and the above expression becomes:

Du= By + 0.50 (86,-463)—» Au= 26TEG (7)

2
For the case of no stress reorientation:

Ap = A (_T_is/_> o A6t A8 D686 4, (g
2 2 2
Combining (7) and (8):
Ap=0 (9)
The above expression indicates that the ESP will be
vertical (Fig. 6.3.3). Notice that in the case of
stress‘reorientation we need to distinguish between
the changes in principal stresses 15(51, final-6., initial)
and 4(6,, final—Gé, initial) and the principal stress
changes (AG)l and (D), (designated here as Aé'l
and AGé). In order to apply equation (1), A61 and
A63 need to be used and consequently (9) will be no
longer valid for A= 0.50, if stress reorientation
takes place.

After the stress paths have been estimated as

described above, the stress path tests are performed,
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as described in the next paragraph (b), following
the estimated TSP and observing what the actual
ESP is. From that, the value of A during the test

can be back-calculated by solving (1) with respect

A= Au-Bag

or for B = 1.00:

A= Au- Aé6s (10)
A6, - A6,

The values of A given by (10) can be then used for
subsequent tests in order to more accurately esti-

mate the expected ESP.

b. Description of Apparatus and Testing Procedure

Since stress reorientation in the ground accompanies
the excavation 6f a slope, a problem was faced right from
the beginning, in performing triaxial "stress path" tests
in the laboratory: namely, that rotation of principal
stresses, other than 90°, in triaxial laboratory tests, is
impossible. This is because it is not possible to apply
shear stresses alcong the vertical and horizontal sides of
‘a sample in the conventional triaxial apparatus; applica-
tion of principal stresses in directions other than vertical
and horizontal would require so. Hence a good approxima-

tion of the actual stress field would have to be found.
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This led to the following dilemma:
—should vertical samples be obtained frdm the
consolidation chamber and be anisotropically con-
solidated in the triaxial cell under 5'10 and 6'3c
corresponding to the estimated OCR of the soil ele-
ments, which are being simulated in the laboratory

(i.e., &' _ = :pCR = YEH+(E  and 6, = K 6] )
This alternative has the advantage that it brings the
soil element (represented by the soil sample) to the
correct state of stress before excavation, but as re-
orientation of principal stresses follows excavation,
both normal and shear stresses would have to be ap-
plied on the sample in order for it to come to the
correct state of stress after excavation. As ex-
plained previously, applying shear strescses on the
sample is impossible. Hence only the normal stresses,
corresponding to the vertical and horizontal directions
after excavaﬁion, can be applied on the sample, this
leading to the wrong final state of stress (see Fig.
6.3.4, 6.3.5).

—Alternatively, should inclined samples be obtained
from the consolidation chamber, so that their axis

is parallel to the major principal stress direction
after excavation (Fig. 6.3.4) and consolidate them
under the normal stresses they would have in that

direction and the direction perpendicular to that
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Ground surface
//lnfwv excavabion
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6/ ‘Ko 1¢

Fig. 6.3.4 (a) Principal stress rotation in the field, after
excavation.

(b) State of stress in various dlrectlons in the
consolidation chamber.



before excavation? From Fig. 6.3.4 (a) it is

seen that the final principal stress directions

are not in general vertical or horizontal, like the
prin&ipal consolidation stress directions are. This

means that there are shear stresses T during con-

Gxy
solidation in the directions forming angles 6 and
(90° + 8) with the horizontal, in addition to the
. .
o1 and 6 63 (Fig. 6.3.4 (b)).
Since 1@7 cannot be applied in the triaxial apparatus,

normal stresses 6'

the sample will be under a wrong state of stress be-
fore excavation. However, since the direction of
the axis of the sample coincides with the final ma-
jor principal stress direction after-excavation, ap-
plying the correct normal stress increments on the’
sides of the sample in the laboratory will result in
the correct final state of stress (see also Fig. 6.3.6).
It was finally decided to follow the second alter-
native in performing triaxial "stress path" tests in
the laboratory, basically for two reasons:
(1) It is believed that the omission of the shear
stresses Tbxy (see Fig. 6.3.6), in the reconsolidation
phaée of the test, wiil not significantly affect the
structure of the sample, as compared to the structure
that the sample would have in the consolidation
chamber under the correct consolidation state of

stress. This is because by the time we reconsclidate
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the sample in the triaxial apparatus, it already has
a structure which has been formed in the consolida-
tion chamber during virgin compréssion and rebound,
under the correct state of stress, and this structure
is not very easily changed, unless we impose a drast-
ically different stress field on the sample during
reconsolidation.

(ii) It is more critical that the final state of
stress, which could also be the state of stress close
to failure, is simulated as correctly as possible in
the laboratory. From this point of view the second
alternative is more advantageous. Notice that none
of the above two alternatives will exa€Ply reproduce
the actual ESP in the laboratory since.the omission,
in both cases of the shear stress changes along the
sides of the sample in the undrained part of the test
(simulating excavation), will result in pore pressure

changes, which will be different from the actual.

Aftér it had been decided on how to trim and test
the samples in the laboratory, the following testing pro-
cedure was established:

—A critical failure surface was drawn for the ex-

cavated slope, by assuming some estimated strength

parameters. In our case conventional isotropically
consolidated, drained triaxial tests have been run

and drained strength parameters 4 and Qd have



been established. These strength parameters have
been used in locating critical failure surfaces.
—Several representative soil elements were selected
along this failure surface.
—The OCR was found for each element:

OCR = Pp

V1% +Y, 22

——KO was estimated by using Fig. 5.2.2, OCR (found

above) and the PI of the sample (40% in our case).

Alternatively, Hp/H was estimated from:

24, ¥v . 22 y.

H - (l H

HP/H = (OCR-1). (

—Using the coordinates of the selected elements,

it was found which of the elements of the finite
element mesh were closest to each of the representa-
tive elements selected previously.

—Interpolation was made between the appropriate:

(1) Ko's (alternatively Hb/H's),

(ii) excavation side slopes,

(iii) elements,

from the results of the appropriate finite element
analysis (KO or Hp/H) (Appendix 1), by using the
estimations of KO (alternatively Hp/H) made earlier,
the slope of the cut and the distances of the centers

of the representative soil elements from the centers

of their neighboring elements.
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—From the interpolation made above §, Gi/b'H,

53/6H were found for each of the representative soil
elements, where:

8=angle between final major principal stress direction
and horizontal,

Gi/ KH = normalized major principal stress after
excavation,

43/3’H = normalized minor principal stress after
excavation,

H = height of excavation,

Y = average unit weight of soil behind slope = 63374'52[”_51

H

%}?&' z} = as defined previously.

—The stresses, under which the samples will have to be
anisotropically consolidated in the triaxial cell, were
computed:

6a,= 6, Sin%0 4 6,, 05’6 = 6/, (sin'6 + K,co1*6)

f

/_ Al
6‘;3 = 6v,6 cos O + 6h’csin16‘ = 6, (cos™® + Ky Sm"G)

where 6",6 =1+ b’b z .

—From the big reconstituted sample, prepared in the
consolidation chamber, as many small cyiindrical speci-
mens as the representative soil elements selected in
the beginning were cut and trimmed. The cylindrical
specimens were 1.4 inches in diameter by 3.5 inches
high. The axis of each of the specimens was inclined

9 degrees to the horizontal, where 6 was the angle
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that was found earlier by interpolation, for eaeh
of the representative soil elements.

Then for each element the following were done:
—After the specimen had been weighed and its di-
mensions had been measured, it was placed on the
triaxial apparatus and it was saturated by applying
a back pressure u, = 1.50 Kg/cmz, for 24 hours. The
back pressure was applied in three steps to avoid
overconsolidation of the upper end of the specimen
(the back pressure was applied from the bottom of
the specimen). In each step, the cell pressure was
maintained about 0.10 Kg/cm2 higher than the back
pressure in order to avoid "blow-up" of the membrane.

The back pressure increments used were:

Step 1: u_ = 0.50 Kg/cmz, 6 = 0.60 Kg/cm2 (for
—_— b cell
2 2 tYO hours)
Step 2: u, = 1.00 Kg/cm™, 6§ell = 1.10 Kg/cm”~ (for
two hours)
— 2 — - I 2
Step 3: u, = 1.50 Kg/cm”, ﬁﬁell = 1.60 Kg/cm”™ (for 20

hours)
Notice that two membranes were used to seal the specimen
in the triaxial cell, two O-rings on either end of the
specimen to seal the membranes and a side filter paper
drain which has been cut in 1/4 inch wide strips al-
ternating with 1/4 inch open spaces. A thin layer of
silicone grease was applied between inner and outer
membranes. Each membrane was approximately 0.0018
inches thick. The filter paper drain used was What-

man's No. 54.
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—After the end of saturation, the value of the
bore pressure parameter B was checked in order to
make sure that the sample was saturated. A B-value
greater than 0.98 was considered satisfactory.

-

—The sample was consolidated anisotropically under:
/ /.
6 axial, consolidation = 69, + ub = GV‘ (ssn’-& + Kocoxza ) + le

©cell = G5 + U, = 6, (sin™6 + Koo' ) + 1,

This was performed as follows:
First the cell pressure 6cell was applied with the
drainage valve closed.
Then the deviatoric consolidation stress was applied:
axial, cons. - fee11 = 69” - 9/3 , with the drainage
valve closed again. The sample was then left under
these stresses for 5 minutes and the drainage valve
was subsequently opened and the sample was left to
consolidate for 24 hours. Readings of axial deforma-~
tion and volume change were taken at time intervals
increasing with time, the volume change vs. log(time)
was plotted and te,r the time ;:equired for 50% of
primary consolidation to take place, was finally esti-
mated from this plot.
—After consolidation was over, the drainage valve .
was closed ar;a-..%:.-.ih;.,ée; were reduced to the final prin-
1

cipal total stresses after excavation 6/ and 63/

respectively. This was done in several small steps.
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ihe time interval between these steps was kept con-
stant. The total time required for the undrained
unloading (which simulates excavation) was chosen
so that there was adequate pore pressure‘equaliza-
tion within the sample. This depends on the magni-
tude of the coefficient of consolidation S and on
the type of drainage provided. Blight (1963) has
suggested that for all-around drains and 95% pore

pressure equalization, the time to failure, t_, may

£

be calculated from the equation:
2 .

_ D
tf = 0.07—0—
v

where D is the diameter of the specimen (1.4 inches
in our case) and c, is the coefficient of consolida-
tion of the specimen (ranging between 0.6 x 10-4

and 4.7 x 10-'4 cmz/sec in our case, depending on the
consolidation pressure; see Fig. 6.2.11). D and <,
should be entered with compatible units in the above
formula. Houston (1978) has suggested that c, may

be calculated from the folloﬁing expression, for tri-
axial tests, provided the height to diameter ratio

of the specimen is 2:

c_= TT'D2

v
KtSO

~where K is a constant depending on the type of drain-
age and tSO is the time for 50% of the primary con-

solidation to be completed. For the cass of radial
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and base drainage, Houston (1978) has suggested that
K should be taken equal to 350. Substituting the
equation for c, into the one suggested by Blight for
te, we get:

tf = 7.8t

50

Notice that Blight (1963) has suggested that drained
tests should be conducted at the same rate as undrained
tests. The latter suggestion has been taken into ac-
count in deciding what the rate of loading should be

in the conventional drained triaxial tests that have
been run. The above expression has been used as a
basis for estimating the duration of the undrained

part of the "stress path" triaxial tests, by employing
the value of t50 estimated in the consolidation part

of the test. An allowance was made for the value of

tf since the height to diameter ratio in our case was

2.5 (H/D = 3.5/1.4 = 2.5). For our tests, teg ranged

between 900 sec and 2750 sec, which gave a range for
7.8 x 900 .. 7.8 x 2750

tf between 2 hours and 3600 = 5

3600
hours. A duration of 8 hours was generally adopted

for the undrained part of the test, except where the
maghitudecmfthe undrained unloading was quite high,

in which case we used a 10 hour duratiion. The "stress
path" tests were performed on a stress controlled tri-
axial apparatus (described later). The unloading was

performed in steps and the time interval between steps
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was taken to be 30 minutes. Since less creep is
éxhibited in lower stress levels, 70% of the final
stresses were applied during the first 3 hours

(3.5 hours for the 10-hour long undrained unloading)
and the rest 30% was applied during the remaining

5 hours (6.5 hours for the l0-hour long undrained
unloading). Pore pressure and axial deformation
readings were taken at 29 minutes after the appli-
cation of each loading.

—After the undrained unloading, the sample was left
overnight with the drainage valve closed and with
total stresses applied on it equal to the final total
stresses (plus the back pressure) of the corresponding
soil element after excavation.

—The next day, new pore pressure and axial deforma-
tion readings were taken, then the back pressure was
set equal to the last pore pressure reading, and the
drainage valve was opened. The back pressure was
increased in small steps every 30 minutes. In order
to ensure that there was enough time for adequate
pore pressure equalization thréughout the sample and
also in order to minimize the uncertainty about the
actual value of the pore pressure throughout the sample
at any moment, the pore pressure increments were se-
lected in such a way that: (a) the total duration of

the pore pressure equalization phase was not less
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than 8 hours and (b) the pore pressure increments
were smaller than 0.05 Kg/cmz. During this part of
the test, the pore pressure was increased by as much
as the negative pore pressure change induced by the
undrained unloading. Thisiphase simulates the long-
term equalization of the negative pore pressure
changes that are induced by the excavation around

the slope. The pore pressure equalization phase was
continued until the sample failed or until the bore
pressure had been raised as high as the original

back pressure (1.50 Kg/cmz; pore pressure equaliza-
tion completed; no excess pore pressures).

—If the sample did not fail in the previously de-
scribed part of the test, the pore pressuré was fur-
ther increased at the same rate as before, until the
sample failed. This part of the test simulates the
case where the slope has come to an equilibrium, after
equalization of the negative pore pressure changes,
and then a rise ©9f the GWT, due for example to heavy
rainfalls, causes an increase of static pore pressures.
—Volume change and axial deformation measurements were
made during the above two phases of the test, again

at 29 minutes after each pore pressure increment.
—After the test was over, the triaxial cell was dis-
assembled quickly, the sample was weighed, then it

was sketched and finally it was placed in the oven
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for a water content determination to be made. The
increase in water content during the test was used
as an independent check of the total volume change
measured during the test with the volume change

device.

Having described the test procedure above, a brief
description of the apparatus used for the tests will be
made. The triaxial cell used was the standard triaxial
cell used in the University of California Soil Mechanics
laboratories for 3.5 inches high by 1.4 diameter samples,
with an older type of frictionless piston guide on it. A
lucite cylinder formed the side of the cell, with a pro-
tective metal net around it. A 1/4 inch piston was used
to apply the axial load on the sample. The axial load was
applied on the piston by a loading frame which was hanging
from a wire and it was balanced in position with the help
of a fast pulley; through which the wire passed, and a
counterweight hanging at the other end of the wire. The
weights were applied on the frame with the help of a hanger,
with a weight retainer at its end, hanging underneath the
frame. The piston was sliding through a ball bearing
bushing so as to minimize piston friction. The cell pres-
sure was applied along the piston guide, so that an air-
water interface was formed and no water leak occurred along

the piston guide. The sample was seated on a lucite base



186

and porous stone. A lucite top cap was used for transfer-
ing the axial load from the piston on the sample. Drainage
was provided through the base porous stone out to the vol-
ume change device by a drainage line (tubing) going through
the lucite base. Axial deformation was measured with the
help of a mechanical gage (accuracy 0.001 inches) rigidly
connected through a rod, with the cell. The gage's moving
part rested on the center of the top of the loading frame.
A photograph of the triaxial cell and of the whole set up
is shown in Fig. 6.3.7. The pore pressure and cell pres-
sure measurements were made with the help of an electrical
pressure transducer, which was connected on a full Wheat-
stone bridge and the unbalanced voltage of the bridge
(corresponding.to the pressure being measured) was read
on a voltmeter. The pressure was obtained from the volt-
age measurement by having previously calibrated the pres-
sure transducer against a HEISE mechanical pressure gage
of high accuracy (0.01 Kg/cmz).

A modification of the testing set up was necessary
for the case where the horizontal consolidation pressure

’ /
6 . was higher than the vertical consolidation pressure §

83 1’
For this to be achieved the piston had to be pulled up,
since the cell pressure is applied on the sample in all
directions (vertical and horizontal). In other words, a

"negative" (directed upwards) deviatoric stress would have

to be applied. This was achieved with the use of a piston
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threadgd on the top cap and being pulled up by a wire
connected on the top horizontal bar of the frame (Fig.
6.3.8 (a)). The counterweight, which was referred to
before, was substituted by a hanger and weight retainer,
so that the "negative" axial load could be applied on
the piston (Fig. 6.3.8 (b)). As it can be seen from
the picture of Fig. 6.3.8 (a), application of "positive"
deviatoric stresses was also possible with the use of
a flat-topped poston-wire connector, which the upper
horizontal bar of the loading frame could sit on. A
small change, in the way axial deformation was measured,
had also to be made. The moving part of the gage was in
this case indirectly connected to the piston, with the
help of a small horizontal aluminum bar, which was fas-
tened on the piston (Fig. 6.3.8 (a)).

The results of the "stress path" tests that have
been run, following the previously presented prccedure
and using the apparatus described above, are presented

and discussed in the following paragraph.

c. Results

An abbreviated name, descriptive of the type of the
test, has been used for the "stress path" tests. They
have been called ACUD tests, which stands for: Anisotropi-
cally Consolidated, unloaded under Undrained conditions and

finally Drainage restablished for pore pressure equalizaticn.



6.3.8(a) Arrangement for "pulling
up" the piston.
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A total of six "stress path" tests were performed. Two

of the samples tested had been trimmed with their axis
vertical (& = 90°) (samples ACUD-6 and ACUD-8), two with
theif axis horizontal (8 = 0°) (samples ACUD-5 and ACUD-7)
and twc with their axis inclined 50° to the horizontal

(6 = 50°; samples ACUD-4b and ACUD-9a). The total stress
paths (TSP) and effective stress paths (ESP) are shown in
the following Figures 6.3.9-6.3.14. Notice that therxe

are two kinds of TSP drawn. The one is labelled TSP-—ub

and it refers to the total stresses minus the back pressure

that was applied during consolidation (u, = 1.50 Kg/cm2 for

b
all of the tests performed). The other one is labelled

TSP and it refers to the total stresses actually applied

on the sample during the test. '

As it can be seen from these figures, A has a value
close to 0.50 for most of the tests, because the ESP is
almost vertical. Notice, however, that sample ACUD-7
(6 = 0°) significantly deviates from that rule. As a
matter of fact, there are very small negative pore pressure
changes during undrained unloading. Another thing to be
noticed is that a jump rotation-of brincipal stresses was
impésed on that sample during testing. The horizontal
' stress was higher than the vertical stress during con-
solidation and at some point, during unloading, the ver-

tical stress became higher than the horizontal. This

principal stress jump rotation is believed to be responsible
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for the small negative pore pressure changes.

Failure can be defined in several ways, as for ex-

ample:

' —The point at which (61-65) becomes maximum

/ .
—The point at which 64 becomes maximum

6‘ d

. 3 .

—The point at which 6r-6§ becomes maximum
’ 6,” +64

In order to be able to make a meaningful comparison
between the results of the conventional drained triaxial
tests and the "stress path" tests, the same failure cri-
terioanould have to be useda for both. Since failure is
defined, in the consolidated-drained (CD) tests, at the
point of (gl-gé)max’ the same criterion would have to be_
used for ACUD tests. Notice, however, that (61-63) is
maximum for every point alohg the ESP in the pore pressure
equélization phase, as well as in the GWT rising phase.
Thus, for ACUD tests, failure is‘defined as the point
where (6,-6,) starts to decrease from its maximum value.
This point also coincides with the point where axial de-
formation starts to accelerate. This point has been de-
noted by letter D on the ESP plots and it has been called
"vield point."

Notice that a phase of pore pressure increase beyond
the point of pore pressure equalization (point C), was nec-
essary for samples ACUD-4b, ACUD-6, ACUD-8, and ACUD-9a,

in order to be led to failure. Samples ACUD-5 and ACUD-7
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on the other hand failed at the end of the pore pressure
equalization phase.

The total stress paths, along which the ACUD samples
were tested, correspond to the TSP of representative soil
elements selected from several slopes. The slopes ana-
lyzed were all 1.5:1 slopes and their height ranged from
13 to 37.5 meters. The geometries of the slopes analyzed
are shown in Fig. 6.3.15 and 6.3.16. The locations of the
samples behind the slopes are also shown on the same fig-
ures.

Fig. 6.3.17 presents all effective stress paths to-
hgether on the same p vs. g plot. The virgin compression
and rebound ESP are also shown on the same plot. Finally,
the effective stress envelope, from the conventional con-
solidated-drained tests, has been drawn on the same plot,
SO that a comparison with the ACUD test results can be
made. It will be noticed that the failure points, obtained
from the ACUD tests, fall very close to the conventional
effective stress énvelope, except for the case of sample
ACUD-7 (& = 0°) for which the point of failure is con-
siderably higher than the envelope. However, the picture
from the rest five ACUD tests is rather consistent and
it leads to the folléwing conclusions:

— The orientation of the samples does not seem to

have any effect on the effective strength parameters.

—For lightly to medium 0.C. clays it does not seem
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to exist any softening effect during pore pressure
equalization, at least in the time scale of a lab-
oratory test. |

—The absence of fissures may also be responsible
for the fact that no strength softening was observed.
—The development of negative pore pressure changes

seems to depend a lot on stress reorientation.

6.4 Testing Techniques for Measuring the Residual Strength

in the Laboratory

The various testing techniques that have been employed
in the past for measuring the residual strength of soils
(usually highly overconsolidated clays and shales) will
be briefly discussed here and their relative advantageé

and disadvantages will be discussed.

a. Direct Shear Test

In this type of shear test the sample is forced to
fail along a predetermined plane (horizontal). The shear
"box" may be either round or square. A variety of shear
"box" sizes are used, depending on the kind of soil to
be tested (big samples are used for example when testing
fissured clays in order to include the effect of the fis-
sures on the strength of the clay). A normal force is
applied on the failure plane and the shear stress required

to fail the sample is taken as the shear strength of the
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soil. That does not mean that the aforementioned normal
and shear stress combination is the worst one for the
sample (in other words, the pairs of values ( 6, T )

at failure does not necessarily pldt on the Mohr circle
envelope). The direct shear test can be performed under
drained or undrained conditions depending on the kind of
field conditions that are being simulated. One problem
inherent in the direct shear test is the uncontrolled
rotation of principal stress axes during the test. The
principal stress directions depend on the magnitude of

the normal and shear stresses on the horizontal plane of
failure as well as on the magnitude of the normal stress
exerted by the shear box on the vertical sides of the
specimen. The normal stress on the failure élane is the
only one being controlled during the test (it is usually
held constant), while the shear stress on the failure plane
varies continuously and the normal stress on the vertical
sides is unknown. Two moreproblems with this kind of test
are the absence of complementary shear stresses along the
verﬁical sides of the specimen (theoretically the specimen
is not in moment equilibrium) and the non-uniformity of
shear strains along a vertical profile. Although the
state of stress of a soil element in the ground is very
badly repfesented, this kind of test has the special ad-
vantage of inducing very high shear deformations along a

relatively thin zone and subsequent particle orientation
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parallel to the direction of shearing within this thin
zone. These features are‘particularly desirable when the
residual strength needs to ke measured, since this strength
develops after full particle orientation along the failure
'surface, as explained in more detail in the section dealing
with the residual strength. The direct shear test has the
additional advantages of simplicity both in sample prepar-
ation and test procedure, it requires relatively short
testing time (short drainage path, relatively fast particle
orientation along a thin zone) and the specimen can be
readily wire-cut after consolidation, if desired (Danish
Geotechnical Institute, 1964). The purpose of cutting ~
the specimen is to help reach the residual strength sooner
by breaking any bonds along the failure plane. Usually

no peak is observed in such a case. Alternatively, the
sample can be precut (cut before it is placed into the
shear "box") and then consolidated (DeBeer, 1967). A

small peak is usually observed in such a case because of
bonds forming along the failure plane during consolidation.
Precutting the specimen (before conslidation) can of

course be done with other types of tests, too. It has

been found that cutting’the specimen gives in general a
lower residual strength (De Beer, 1967; Bishop et al.,
1971). A problem of the direct shear test, directly re-
lated to residual strength measurements, is the limited

shear displacement that can be tolerated with this kind
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of apparatus, relatively to the displacement usually re-
quired for the strength to drop to the residual. The

multiple reversal direct shear test, which is described
next, and its various modifications are usually used in

an attempt to overcome this problem.

b. Multiple Reversal Direct Shear Test

This test is very similar to the one previously de-
scribed, the only difference being the continuous back and
forth shearing of the specimen in order to attain large
total shear displacements. The disadvantages of this
kind of shear test are the complicated stress conditions
across the sample (as discussed under the direct shear
test), and that the soil may be squeezed out between the
two halves of the shear box during the later stages of
the test (Chattopadhyay, 1972), limiting thus the number
of reversals. Another serious disadvantage is that the
small back and forth displacements may not be equivalent
to a test with a displacement of the same total magnitude
always in the same direction. The latter has been con-
firmed among others by Bishop (Bishop, Green, Garga,
Andresen, Brown, 1971), who compared the results of mul-
tiple reversal direct shear tests and ring shear apparatus
tests (described next) and found discrepancies in many
cases. These discrepancies may be due to the fact that

full particle orientation along the failure plane cannot
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be attained in the multiple revefsal direct shear test,
because the direction of shearing is reversed before the
particles have fully oriented themselves parallel to the
failure plane; reversing the direction of shearing wili
results in a rotation of the particles in the opposite
direction than before and this will go on with the parti-
cles rotating back and forth and never really getting fully
oriented. This problem can be possibly overcome by shear-
ing the specimen always in the same direction. This can
be achieved by lifting the sample at the end of each one-
directional shearing, putting it back in place, reconsol-
idating it and finally by shearing it again in the same
direction. This procedure is of course more time-
consuming than the multiple reversal direct shear test,
since the consolidation phase will have to be repeated

in each cycle.

c. Ring Shear Apparatus Test

The new ring shear apparatus was developed by Bishop
and his colleagues (Bishop et al., 1971) and it is an im-
provement of earlier attempts by other investigators.
It consists of a ring shear "box" the lower part of which
rotates relative to the upper, thus shearing an annularly
shaped sample. A cylindrical sample is obtained from a
clay black, an inner core is then removed from it and

a sample 0.75 inches thick, 4 inches in inner diameter and
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6 inches in outer diameter is finally obtained. The
top and bottom of the sample are clatched on annular
porous ceramics with the help of radial fins, which
protrude into the sample. The sample can thus be
sheared in one direction by rotation of the lower ring
for as large shear deformations as desired.

The obvious advantage of this kind of apparatus
is the unlimited shearing of the sample in only one di-
rection, so that the residual strength of the soil can
finally be attained. However, it fails to satisfy the
criteria of simplicity of construction and operation and
in addition it has the disadvantages of local concentra-
tions of strains and uncertainty about the directions of
the principal stresses as the test proceeds (the last
two are also disadvantages of the other types of shear
tests described earlier, but they are not very important
in residual strength measurements). Another disadvantage
is the variation in strain produced across the sample,
due to the variable linear displacement of the outer
and inner edges, for a given angular rotation. However,
this becomes insignificant after the residual strength
has been reached everywhere across the sample. Squeezing
out of the sample between the two halves of the ring may
occur at very large deformations (which can also be the
case in the multiple reversal direct shear apparatus,

as described previously). This can be avoided by performing
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the initial part of the test slowly leaving a small gap
between the upper and lower parts of the ring, then pro-
ceed faster closing at the same time the gap to avoid
any loss of the sample and then perform the last part of
the test slowly and with the gap again slightly open
(Bishop et al., 1971). The purpose of the fast part of
the test is to form a failure plane so that the residual
strengthiéan more easily be attained in the last, slower,
part of the test. Finally, it may be difficult to prepare
specimens for use in the ring shear apparatus with stiff,
fissured clays.

Bishop (1971) has compared the results of the ring
‘shear apparatus, for the residual strength of the Brown
London clay, with those obtained using pther testing tech-
niques and he found that the latter gave a residual friction
angle 2° - 6° higher than that obtained using the ring shear

apparatus.

d. Triaxial Test

Drained triaxial tests can be used for measurement
of the residual strength. However, they suffer from the
serious disadvantage that in many cases the deformation
necessary to reach the residual strength state cannot be
obtained in the triaxial compression apparatus, except
possibly in the case of very brittle clays. According to

Chandler (1966) this difficulty can be overcome by precutting
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the sample along a plane forming an angle « = 45° + G:/Z
with the horizontal, where q; is the expected residual
friction angle. Test results suggest that measured values
of q; are not much influenced by small inaccuracies in
the choice of the inclination of the shear plane. Chandler
(1966) haé also developed corrections for the effects of
the change in the cross-sectional area and the restraint

of the rubber membrane, which become critical at large
akial displacements. The horizontal movements of the
upper half of the specimen, above the precut plane, can

be facilitated by using two top caps separated by small
stainless steel balls. An advantage of the triaxial:
compression test on precut specimens is the fact that

the test can be performed in mulfiple stages by reconsoli-
dating and reshearing the specimens at higher cell pres-
sures, once the residual strength has been reached, in
order to define several points on the residual strength
envelope (Chandler, 1966; Symons, 1967). Another advan-
tage is the fact that the stresses applied on the sample
are more easily controlled and more accurately known than
in any of the previously described shear tests.

Good agreement has been found between results ob-
tained from direct shear tests and triaxial tests on
precut samples. However, the values are usually somewhat
higher compared to those obtained from ring shear tests

(Bishop et al., 1971), which suggests that even artificial
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polishing of slip surfaces by a spatula or glass plate

does not establish maximum particle orientation.

e. Direct Shear Test Using Composite Specimens

This testing method was developed by Kanji (1974,
L977) and it is based on direct shear testing of composite
samples of clay soil and hard surfaces (polished rock,
metal, etc.) in the conventional direct shear apparatus.
The soil is remolded at the liquid limit, it is then con-
solidated bétween two hard surfaces and it is finally
sheared.

The main advantage of this testing method is the
small displacement (in the order of 1 cm) required to
affect particle orientation and bring the soil to its
residual strength. This happens because during shear
there are no particles projecting across the shear plane
and catching on each other and alsoc because the hardg,
smooth surface provides a fixed plane to guide the align-
ment of particles (Mitchell, 1976).

A disadvantage of this kind of test is the inter-
ference‘of granural particles as the silt or sand contents
increasé, which makes the orientation of the clay particles
difficult, resulting in higher residual shear strengths.
Alsc, it is not clear whether the residual friction angle,
as measured, corresponds to that for soil alone or to the

friction angle between soil and rock. Notice that the
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friction angle between clay particles and hard surfaces
may not be the same as the friction angle between the

clay particles themselves.

6.5 Residual Strength Measurements

From the testing techniques available for measuring
the residual strength, we finally selected the triaxial
test on precut samples, because the stresses are more
easily controlled in such a test and also because it was
hoped that multistage tests could be performed. The samples
used for the tests were reconstiﬁuted samples. We decided
to use ;econstituted samples instead of the original samples
because residual strength is independent of sample disturb-
ance and remolding, and it only depends on the composition
and pore water chemistry of the sample. However, reconsti-
tuting the samples may have caused some change in the pore
water chemistry. Using reconstituted samples had, never-
theless,  the extra advantage of relatively easy trimming,
precutting and in general handling of the sample.

In the following paragraph the apparatus and testing
techniques adopted for residual strength measurements are
described first, followed by a presentation and discussion

of the results.



a. Description of Apparatus and Testing Procedure

The triaxial cell used for the residual strength
measurement tests (which are briefly called CDR tests by
abbreviation of Consolidated, Drained, Residual strength
measurement test) was very similar to the cone used for
the "stress path" tests. The basic difference was the
top cap arrangement for the CDR tests, which consisted
of two caps with stainless steel balls in between. The
lower of the two top caps was on top of the sample and
its upper surface was flat so that the stainless steel
balls could easily slide on it. A lucite steel ball re-
tainer kept the eight balls in position. A schematic
representation of this set up is shown in Fig. 6.5.1.
With the use of such an arrangement there was practically
no constraint in the horizontal movement of the upper half
of the specimen. The CDR tests were performed in a strain
controlled loading apparatus. This apparatus had the ad-
vantage that it used a very stiff load cell, instead of a
considerably more flexible proving ring, for measuring
the load. This had the advantage that there was very
little strain energy stored into the load cell during
loading, so that accurate post peak measurements could be
made (because of the very émall strain energy release
after the peak). Strain gages mounted on the load cell
made it possible to measure accurately the applied load,

even for the very small deformations of the stiff load
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cell diaphragm. The load cell was connected to the same
full Wheatstone bridge arrangement, described in Section
6.3. The rate of advancement of the piston was controlled
by the flow of o0il through a micrometer valve. By con-
trolling the opening of the valve, the rate of advancement
could be controlled. This rate remained fairly constant
throughout the test.
The testing procedure adopted for the CDR tests
was the following:
—The specimen was cﬁt from the big reconstituted
sample, with its axis vertical.
—After it had been trimmed down to a cylindrically
shaped specimen (1.4 inches in diameter by 3.5 inches
high), it was cut in two pieces in such a way that an
artificial "failure plane" was formed (Fig. 6.5.2).
;
This plane formed an angle « = 45° + 1%5 with
the horizontal, where q; is the estimated residual
angle of internal friction. An angle « equal to 50°
(accuracy for « : * 1°) was used for the tests of
this investigation (which corresponds to Q;= 10°).
Notice that small inaccuracies in the selection of
?; do not affect the value of the measured residual
strength.
—The artificial "failure plane" was then "polished”
with a spatula. The spatula was moved always in

the same direction, which coincided with the direction
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of relative movement of the one half of the specimen
relative to the other, during the test.

—After polishing the "failure plane," the two pieces
were put together again, the sample was placed into
the triaxial cell and the cell was assembled, as de-
scribed for the "stress path" tests. Special care
was taken at this stage to properly center the stain-
less steel balls.

—The specimen was saturated in the triaxial cell for
24 hours, by raising the back pressure to 1.50 Kg/cm2
and'the cell pressure to 1.60 Kg/cm2 in three steps
(same as for the "stress path" tests).

—The specimen was then isotropically consolidated
for 24 hours under the desired effective consolidation
pressure. Consolidation pressures equal to 1.00,
2.00, and 3.00 Kg/cm2 were used.

—After consolidation was over, the advancement of
the piston was started. A rate of advancement ap-
proximately equal to 0.00019 inches/minute was used
throughout Ehe test, for all CDR tests. This rate
was considered to be sufficiently slow, so that any
excess pore pressures would dissipate. Measurements
of axial load, axial deformation and volume change
~were made at regqular intervals. The tests were

usually stopped when thé axial strain reached 17%-20%.
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?here was one test which was continued out to an
axial strain of 32%, but it was decided to establish
20% as a maximum strain, since eccentricities became
rather prohounced after 202 and the membranes were
overstressed, to a point that they could potentially
fail. The loading part of the test usually lasted
for 2 to 2.5 days.

—After the test was over the cell was disassembled
and the upper half of the specimen was forced in the
same direction that it had been moving during the
test, until the two pieces were separated. Measure-
ments of the majér and minor axes of the "failure
plane" and of the true area of contact at the end

of the test were made. These measurements were used
in the corrections for filter and membrane effects
and true area of contact, as described in Appendix 3.
The configuration of the true area of contact was
very clear on the "failure plane," because material
was squeezed out from the area of contact during

the test, and was deposited on the rest of the
"failure plane.”

—Some of the specimens were stored in the humid room,
in order to be later tested again (if‘for example the
residual strength state had not been attained during

the first run).
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b. Results

A total of 11 triaxial residual strength tests
(CDR tests) were performed. Two of these were performed
in the load controlled apparatus (described under the
"stress path" tests), and the rest 9 in the strain
controlled apparatus (described in the previous paragraph).
Using the load controlled apparatus it was very difficult
to get any meaningful results for the post peak behavior
of thec¢lav. In addition it was practically impossible
to maintain a relatively slow and constant rate of axial
deformation with the load controlled apparatus. For these
reasons the strain controlled apparatus was adopted for
testing after the first two tests. The nine CDR tests
were performed under three different effective consoli-
dation pressures. Five tests were performed under 5;f=2ﬂ0‘%émz,
three. tests were performed under 6‘32 = 3.00 KJ cm? @and one
test was performed under @Q’= 100!@4&$. From the five
tests performed under 6‘32_—. 2.00 Kﬁ%m’“' four tests were
performed on the same sample (sample CDR-2a) so that
-the number of runs, required for perfect particle orienta-
tion to be attained, could be found. The load vs. displace-
ment curves for these four runs are shown in Fig. 6.5.3.
From that figure it can be seen that repeated loadings
result in a drop in strength. From the samé figure it

will be noticed that runs 1 and 4 exHibit a very irregular
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load-displacement curve, while run 2 exhibits a rather
unusual load-displacement curve. In addition the
strengths corresponding to these load-displacement
curves are higher than expected. Careful consideration
of the forces acting on the specimen during the test,
as well as of the way each component of the test set
up functions, revealed the following mechanism as being
responsible for these inconsistencies (see also Fig.
6.5.4) :

The thickness of the steel ball retainer (made
of lucite) was slightly less than the diameter of the
stainless steel balls. In the beginning of the test,
no horizontal movement of the upper half of the speci-
men had taken place and consequently no eccentricities
existed (Fig. 6.5.4 (a)). As the test proceeded and
the upper half of the specimen started moving to the
left, the axial load became eccentxic, the eccentricity
being e/2, where e is the horizontal distance between
the axis of the piston and the axis of the upper half
of the specimen (Fig. 6.5.4 (b)). Due to this eccen-
tricity the upper half of the specimen tended to rotate
clockwise. Since the piston was not rigidly'connected
to the upper of.the two top caps, a small rotation was
allowed and it did take place. This led to a situation
like the one shown in Fig. 6.5.4 (c), i.e., the ball

retainer was sandwiched between the two top caps and a
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(b) ()

Fig. 6.5.4 Schematic representation of mechanism
leading to application of horizontal forces

on the top of the specimen.



contact point was formed at point A. Further horizontal
movement of the upper half of the specimen caused a
frictional horizontal force to develop at point A. By
considering the force equilibrium of the upper half of
the specimen (sge Appendix 3), it is found that this
horizontal force contributes to the strength of the spec-
imen and this results in an apparently higher strength.
The irregularities in the load-displacement curves are
believed to be caused by a stick-slip type of frictional
sliding of the two top caps on the ball retainer. Having
realized what caused the apparent inconsistencies ini

the CDR test results, the lucite retainer was trimmed
down to half its original thickness. This way no con-
tact could be formed between the upper top cap and the
ball retainer, as the rotation of the upper top cap,
allowed by the piston-cap connection,was very small

and inadequate for a contact to be formed. Three tests
(CDR-4, CDR-5, CDR-6) were performed using this new ball
retainer, and the results confirmed the above mechanism,
as the load-displacement curves became smooth, consistent
and gave considerably lower strengths. The three tests
were performed for three different effective consolidation
pressures, and the load-displacement and volume change-
displacement curves from these tests are plotted in

Fig. 6.5.5. For reasons of comparison, the load-dis-

placement curves for two pairs of samples (CDR-2a and
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CDR-4; CDR-3 & CDR-5), which have been tested under the

2 and

same effective consolidation pressures (2.00 Kg/cm
3.00 Kg/cm® respectively) but with different steel ball
retainers (samples CDR-2a and CDR-3 have been tested with
the untrimmed ball retainer while the other two samples
have been tested with the trimmed ball retainer), have
been plotted in Fig. 6.5.6 and 6.5.7. Using the correct
curves in conjunction with the equivalent uncorrected
ones, an approximate method of correction of the old
curves was developed. This method is presented in
Appendix 3.

There were some more corrections that had to be
applied on the results of the CDR tests in crder to
be able to translate the measured loads in stresses.
The corrections were necessary so that the effect of
the filter paper drain and of the two membranes could
be taken into account. For samples failing along a
single failure plane, as was the case in these tests,
the restraint of the membrane becomes critical. 1In
order to be able to take these effects into account,
several tests were run on precut samples, on the fail-
ure plane of which two pieces of membrane,with a thin
layer of silicone grease in between,were placed. Since
the silicone grease is a viscoelastic material, its

resistance to shearing depends on the rate of shearing.
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By using a constant rate of piston advancement, the

constant resistance of the grease could be isolated

and the remaining resistance was attributed to the

filter and the two membranes. The results of these

correction tests are presented in Appendix 3. These

results were not in general very consistent, but they

all had the same trend and in addition they approximately

agreed with the results of other investigators (Chandler,

1966). This apparent inconsistency is believed to be

due to the fact that the membrane was sliding on the

"lubricated" failure plane at the higher displacements.
Another correction had also to be made for the true

area of contact. The latter can be expressed as a func-

tion of the axial displacement AH, the inclination of

the precut plane, X , and the radius of the sample, r ,

as focllows (see also Fig. 6.5.8):

plan

o 2 -1 fx Z (1)
A, = 2ricos (-F)—Zx /ri- x*
plan . ) .
where Ac is the horizontal projection of the true
area of contact, A, and x = AH. Cot« (2)

2
Since the measured AH was not totally attributed to
rigid sliding of the one half of the specimen on the

other, but there was also some axial deformation taking

place, an alternative formula was developed for A plan

c
(for a derivation of this formula, see Appendix 3):
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Fig. 6.5.9 Definition of a, b, ajs bl‘
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| 2
plan _ 2 -1 a _ / _ cost
A = [a1 cos ("—a,)“ (a, a)vza(Za, a) > (3)

where the definition of a, b, al, bl is given in

Fig. 6.5.9. As it was mentioned in the previous para-
graph, a, b, al and bl were measured after the test and:
from that the true area of contact at the end of the test
could be found.

Using all the previously described corrections
(which are also presented in Appendix 3), three Mohr
circles were defined for the residual state of stress
and the envelope shown in Fig. 6.5.10 was drawn through
these points. Notice that the envelope is slightly
curved at the lower stresses. This is consistent with
the point made in Section 3.3, namely that the residual
sErength is stress dependent at low.gtress levels (its

value decreases with stress at low stress levels, until

it finally becomes constant at higher stress levels).

~

6.6 Summary

Using the results of the finite element analysis,
oﬁe can make an estimation of the stress path that an
element of soil behind a slope will follow after excava-
tion.

There does not seem to exist any softening effect,
due to pore pressure equalization, for lightly to medium
0.C. nonfissured clays, at least in the time scale of a

laboratory test.
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The effect of sample orientation on the drained
strength seems to be minor. Stress reorientation affects
mainly the magnitude of the developing pore pressures, under undraine
cenditions,
There are several tests which can be used for re-
sidual strength measurements, such as:
—Direct shear test
—Multiple reversal direct shear test
—Ring shear apparatus test

—Triaxial test

—Direct shear test using composite specimens

Residual strength measurements can be made in the
laboratory, by testing precut samples in the triaxial
test apparatus. Good results can be obtained but the
test is rather an involved one in terms of the many and

significant corrections that have to be made.



7’

234

CONCLUSIONS AND RECOMMENDATIONS

From the results of the investigation previously

described, the following conclusions may be drawn:

1.

Residual strength controls the stability of slopes

in stiff, fissured clays and shales, in places where
a continuous failure surface has already been formed.
This continuous failure sufface could be the result
of a previous landslide or tectonic movements. Also,
the residual strength may coﬁtrol the stability of
slopes in cases where a progressive failure mechanism
takes place. Hence, it is recommended that the
residual strength be used in design where "bedding
plane faults" exist in the Friars Formation. From
the results of previous investigations, which are
supported from the results of this investigation, a
residual friction angle between 6° and 10° can be
used in most cases for design in the Friars Forma-
tion (where shear zones seem to exist).

The residual friction angle can be measured with rea-
sonable accuracy in the laborgtory, by testing precut
samples in the triaxial test apparatus. The results
of this investigation show that small inaccuracies

in the selection of the angle at which the sample
should be precut ( « = 45° + ?;/2), do not affect

the measurement of the residual friction angle.
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The major difficulty in such a kind of test are the
cofrections for the effects of filter paper drain and
membranes as well as the correction for the actual
area of contact on the failure plane. Corrections for
the effect of filter paper drain and of two membranes
were developed. By comparing these results with the
results of other investigators it is concluded that
one can obtain corrections for the effects pof filter
and membrane with reasonable accuracy, by using pub-
lished correction curves, so long as the latter are
accompanied by the thickness of the membranes and the
dimensions of the specimens used.

The use of two top caps with stainless steel balls
in between enables the development of very high axial
strains without imposing any restraint in the movement
of the upper part of the specimen in the horizontal
direction. It is, however, recommended that the max-
imum strains to be used should not exceed 17%-20%. At
least four runs are required for full orientation cof

clay particles to be obtained and the strength to

drop to the residual. However, two runs are recommended

for most practical purposes.

Progressive failuré can lead to a significant lowering
of the average operative strength along a potential
failure surface. Factors promoting progressive

failure are:
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*Considerable and fast drop in étrength after the peak.

*High values of Ko (i.e., high OCR, high lateral earth
pressures compared to the overburden pressure).

*High degree of fissuring.

*High degree of weathering.

*Steep and high slopes.

Pfogressive failure seems to be responsible for
failures of slopes in the Friars Formation, in places
where no "bedding plane faults" seem to exist. The fact
that many slopes have failed 3-10 years after excavation
shows that there is ample time for progressive failure
to develop.

The only method available at the time, for progressive
failure to be taken into account, is the finite element
method applied for a strain softening material. However,
such a method would be expensive and difficult to per-
form on a routine basis. Consequently, either or both
of the following are recommended for the design of
slopes in the Friars Formation, in places where no
"bedding plane faults" have been found to exist:
*perform once and for all several finite element analy-
ses for various heights and slopes of excavation for
a strain softening material, by approximating the stress-
strain curve of samples from the Friars Formation by
three linear portions. Then the average operative

strength along a critical failure surface, at the point
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of limiting equilibrium, can be found and thus empir-
ical design strength parameters can be established

for various slope geometries. Interpolation between
the results of such an analysis can be later made.
*Back-calculate the average operative strength from
slopes that have failed in places where no "bedding
plane faults" existed, and establish thus average
design strength parameters.

The surface cracks, which are filled with water during
the rainy period, can potentially lower the factor of
safety of a slope for two reasons:

*There is practically no strength along the open cracks.
*The water filling the cracks creates a pressure head,
which contributes to the driving forces.

Since surface cracks exist, in many cases, in the
Friars Formation, they should be taken into account

in design.

The stress path method can be used in order to find

the factor of safety at any point behind an excavated
slope. This is achieved by making an analysié of the
stress changes ymduced by excavation and by then
testing properly orientated samples, from behind the
slope, along the stress paths estimated using the re-
sults of the stress analysis. The method is especially
recommended for soils which exhibit pronounced strength

anisotropy. It can also help reveal points where
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failure is more likely to occur.

Softening does not seem to accompany pore pressure
equalization for lightly to medium overconsolidated,
non-£fissured clays, at least in the time scale of

a laboratory test.

Strength anisotropy, as a result of sample orientation,
in terms of drained effective strength parameters,
does not seem to exist. Reorientation of stresses,
however, under undrained conditions, affects the mag-
nitude of the developing pore pressures.

The results of a plane strain finite element analysis
have been presented in this report. These results
show the effect of the degree of overconsolidation
and of the slope of excavation on the magnitudes and
orientations of the principal stresses after excava-
tion. The results have been presented in normalized
form for two slopes and for various degrees of over-
consolidation (expressed either by K or by Hp/H), so
that they can be used for a variety of soils, OCR,

heights of excavation, or slopes of excavation.



239

REFERENCES

de Beer, E. (1967)

"Shear characteristics of the 'Boom Clay'," Proc.
Geot. Conf., Oslo, Vol. I., p. 83-88.

Bishop, A. W. (1967)

"Progressive failure with special reference to the
mechanism causing it," Proc. Geot. Conf., Oslo, Vol.
IT, p. 142-150.

Bishop, A. W. (1971)

"The influence of progressive failure on the choice
of the method of stability analysis," Geotechnique 21,
p. 168-172.

Bishop, A. W., Green, G. E., Garga, V.K., Andresen, A.,

Brown, J. D. (1971)

"A new ring shear apparatus and its application to
the measurement of residual strength," Geotechnique 21,
No. 4, pp. 273-323.

Bjerrum, L. (1966)

"Progressive failure in slopes of overconsolidated
plastic clay and clay shales," 3rd Terzaghi lecture,
Journal S.M.F.D., Vol. 92, No. SM5, September 1966.

Blight, G. E. (1963)

"The effect of non-uniform pore pressure on laboratory
measurements of the shear strength of soils," Proc.
ASTM/NRC Symposium on Laboratory Shear Testing of Soil,

Ottawa, 1963.



100

11.

12,

13.

14.

240

Blight, G. E. (1967)

"Observations on the shear testing of indurated fis-
sured clays," Proc. Geot. Conf., Oslo (1967), Vol. I,
p. 97-102.

Brooker, E. W., Ireland, O. H. (1965)

"Earth pressures at rest related to stress history,"”
Canadian Geotechnical Journal, Vol. 2, No. 1, p. 1-15.

Brown, C. B., King, I. P. (1966)

"Automatic embankment analysis: Equilibrium and in-
stability conditions," Geotechnique, Vol. 16, No. 3,
p. 209-219.

Chandler, R. J. (1966)

"The measurement of residual strength in triaxial
compression," Geotechnigue 16, p. 181-186.

Chandler, R. J., Skempton, A. W. (1974)

"The design of permanent cutting slopes in stiff-
fissured clays," Geotechnique 24, No. 4, p. 457-466.

Chattopadhyay, P. K. (1972)

"Residual shear strength of some pure clay minerals,"
Ph.D. thesis, University of Alberta, Edmonton, Canada.

Deere, D., Lawton, C., Caldwell, D., Platis, A. (1973)

"Compositional analysis of Friars Formation and Ardath
Shale—San Diego," Term paper for class CE 273—Soil
Behavior, U. C. Berkeley.

Duncan, J. M. (1965)

"The effect of principal stresses on the shear strength



150

le.

17.

18.

19.

20.

21.

241

‘of saurated clay," Ph.D. thesis, submitted at U. C.

Berkeley.

Duncan, J. M., Dunlop, P. (1966)

"Slopes in stiff-fissured clays :and shales," Journal
S.M.F.D., Vol. 92, No. SM2, March 1969, p. 467-492.

Duncan, J.M. (1978)

Class notes from the lectures in course CE 270B—
Advanced Soil Mechanics and Foundation Engineering,
U. C. Berkeley.

Dunlop, P., Duncan, J.M. (1970)

"Development of failure around excavated slopes,”
Journal S.M.F.D., Vol. 96, March 1970, p. 471-493.

Gibson, R. E., Henkel, D. J. (1954)

"Influence of duration of tests at constant rate of
strain on measured 'drained' strength," Geotechnique
4' NO. l, p- 6-150

Goodman, R. E. (1979)

Class notes from the courses in Rock Mechanics, U. C.
Berkeley.

Houston, W. (1978)

Notes from course CE 270L—Advanced Soil Mechanics
Laboratory, U. C. Berkeley.

Kanjii, M. A. (1974)

"The relationship between drained friction angles and
Atterberg limits of natural soils," Geotechnique 24,

p. 671-674.



22.

230

24.

25.

26.

27.

28.

lZBa.

242

Kanjii, M. A. (1974)

"Unconventional laboratory tests for the determination
of the shear strength of soil-rock contacts," Proc.
3rd Congr. Int. Soc. Rock Mech., Denver, CO., Vol.

IA (1974).

Kanjii, M. A., Wolle, C. M. (1977)

"Residual strength-—New testing and microstructure,"
9th Int. Conf. Soil Mech. & Found. Eng., Tokyo, 1979,
p. 153-154.

Kenney, T. C. (1967)

"The influence of mineral composition on the residual
strength of natural soils," Geotech. Conf., Osloc, on
shear strength properties of natural soils and rocks,.
Proc. Vol. I, p. 123-129.

Kenney, T. C. (1977)

"Residual strength of mineral 4 mixtures," 9th Inter.
Conf. S.M.and F.E—Tokyo, p. 155-160.

Lambe, T. W. (1967)

"Stress path method," J.S.M. and F.D., ASCE, SM@,
p. 309-331.

Lambe, T. W. (1969)

"Soil mechanics," John Wiley & Sons, N. Y.

Lambe, T. W. (1973)

"Predictions in soil engineering," 13th Rankine Lecture

Geotechnique, Vol. 23, No. 2, p. 149-202.

Lambe , Tw.  (1951)

" Soil testing for engineers") Tohn Wiley % Sons, N.Y.



29’

30.

31.

32.

33.

34.

35.

36.

243

Lambe, T. W. (1979)

"Applications of stress path method," Lecture given
at the University of California, Berkeley, in March
1979.

Lambe. T. W., Marr, W. A. (1979)

"Stress path method: Second edition," Journal of
the Geotechnical Engineering Division, ASCE, Vol. 105,
No. GT6, p. 727-738.

Lo, K. Y., Lee, C. F. (1973)

"Stress analysis and slope stability in strain-
softening materials," Geotechnique, Vol. 23.

Lo, X. Y., Lee, C. F. (1973)

"Analysis of progressive failure in clay slopes,”
7th Int. Conf. SMFE, Moscow (1973), Vol. 4:3,
p. 314-315.

Lysmer, J. (1978)

Class notes from the course, "Theoretical Soil M=chanics,”
U. C. Berkeley.

Mitchell, J. K. (1976)

"Fundamentals of soil behavior," John Wiléy & Sons,
N.Y.

Morgenstern, N. R. (1967)

"Shear strength of stiff clay," Proc. Geot. Conf.,
Osla, (1967), Vol. 2, p. 59-69.

Pickney,C. J., Lee, L. J.

"The influence of bedding plane faults on the evaluation of



37.

38.

39.

40.

41.

42.

43.

244

landslides in western San Diego county, California,”
Woodward-Clyde Consultants.

Poulos, H. G., Davis, E. H. (1974)

"mlastic solutions for soil and rock mechanics,"
John Wiley & Sons, N. Y.

Roscoe, K. H., Schofield, A. N., Wroth, E. P. {1958)

"On the yielding of soils," Geotechnique, Vol. 8, No. 1,
p. 22-53. |

Skempton, A. W. (1954)

"The pore pressure coefficients A and B," Geotechnique,
Vol. 9, p. 143-147.

Skempton, A. W. (1964)

"Long-term stability of clay slopes," 4th Rankine
Lecture, Geotechnique, Vol. 14, p. 77-102.

Skempton, A. W. (1966)

"Some observations on tectonic shear zones," Proc.
lst Congr. Inst. Soc. of Rock Mech., Lisbon, (1968)
vol. I, p. 329-335.

Skempton, A. W. (1970)

"First-time slides in 0.C. clays," Geotechnique 20,
p. 320-324.

Skempton, A. W. (1977)

"Slope stability of cuttings in Brown London clay,"
9th Int. Conf. in Soil Mech. and Foundation Eng.,

Tokyo.



44.

45.

46.

47.

48.

49.

245

Skempton, A. W. (1978)

"The stability of clay slopes and cuts," Special
lectures given at the University of California,
Berkeley, for the geotechnical group of the Dept.
of Civil Eng., Nov. 1978.

Symons, I. F. (1967)

Free discussion on the "shear strength of stiff clays,”
Prog. of the Geot. Cong., Oslo, (1967), Vol. II.

Voight, B. (1973)

"Correlation between Atterberg plasticity limits and
residual strength of natural soils," Geotechnique,
vol. 23, p. 265-267.

wWard, P. L. (1967)

Panel discussion on "shear strength of stiff clay,"
Proc. Geot. Conf., Oslo, (1967), Vol. 2, p. 140-141.

Williams, A. A. B., Jennings, J. E. (1977)

"The in situ shear behavior of fissured soils," 9th Int.
Conf. S. M. and F. E., Tokyo, 1977, p. 169-176.

Woodward-Clyde Consultants (1979)

"Preliminary partial draft--Friars Formation generic

study--San Diego, California," Woodward-Clyde Consultantls.



246

9. LIST OF SYMBOLS AND ABBREVIATIONS

English Letters

A = Area
= Pore pressure parameter
A = Pore pressure parameter

ACUD = Anisotropically Consclidated-Undrained unloading
triaxial test with subsequent p. p. equalization under

drained conditions (stress path test——inclined samples).

)
Il

Contact area

c

if = A at failure

'Ao = Initial area

a = Intercept on g-axis in p vs. g diagrams

= Major axis of true area of contact between upper and

lower halves of pfecut samples (triaxial residual
strength tests)

a; = Major axis of artificial failure plane in triaxial
residual strength tests

B = Pore pressure parameter

b = Minor axis of true area of contact between upper and
lower halves of precut samples (triaxial residual
strength tests)

bl = Minor axis of artificial "failure plane” in triaxial
residual strength tests

Cc = Compression index

CD Consolidated-Drained triaxial test
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CDR = Consolidated-Drained triaxial test for residual
strength determination (precut samples)

c = Cohesion

c' = Cohesion intercept based on effective stresses

c, = Coefficient of consolidation

D = Diameter of a specimen

DO = Initial diameter

ds = Volume or height changé corresponding to 0% degree of
consolidation

d50 = Volume or height change co;responding to 50% degree of
consolidation .

leO = Volume or height change corresponding to 100% degree

of consolidation
E = Young's mcdulus of elasticity
ESP = Effective stress path
e = Void ratio
F.E. = Finite element

FS = Factor of safety

(]
I

Specific gravity of solids
GWT = Ground water table
= Height of an excavated slope or height of a specimen

= Initial height of a sample

Coefficient cf total earth pressure at rest

Permeability

H
H
o
K
k
Ko = Coefficient of effective earth pressure at rest
L

= Length of a potential failure surface behind a slope
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LL = Liquid Limit
NC = Normally consolidated
OC = Overconsolidated
OCR = Overconsolidation ratio
P= bvtby  or 66,
2 2

PI = Plasticity Index
PL = Plastic limit
qg= _6,-6, or 6y -63

2 2
r = Radius of a specimen
T = Time factor (consolidation)
TSP = Total stress path
TSP-W, = Total stress path minus the static pore pressure

(or back pressure in triaxial tests)

t = Time

tf = Time elapsed from the beginning of a "strength" test
to failure

t50 = Time corresponding to 50% degree of consolidation

U = Average degree of consolidation
u = Pore water pressure

ub= Back pressure

u, = Pore water pressure at depth z
V = Volume

Vo = Initial volume of a sample

w = Water content
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7z = Depth in the ground measured from the surface

[
I

Depth of ground water table below ground surface

N
I

Depth of a soil element measured from elevation of

ground water table

Greek Letters

o = Angle between the failure plane of a sample and the
horizontal |
= Angle between Kf - line and horizontal in p vs. g
diagrams
= Angle between K _-line and horizontal in p vs. q diagrams
= Unit weight

= Boyant unit weight of soil

p
4
KL
Y, = Unit weight of water
n = Unit weight of soil above ground water table
X; = Total unit weight of soil below ground water table
A = Denotes change of a quantity when used before of it
(e.g., AV = volume change; &6 = stress change, etc.)
& = strain
€, = Axial strain
g, = Volumetric strain
= Angle between 6i and horizontal, measured counterclockwise

o
3 = Shear stress level
V = Poisson's ratio

6

= Normal stress

-



& & 0 &
I 1]

30'\
I

63 =

-~

D O o 0
1

?ror

250

Vertical stress )

) ) Principal stresses in the ground

Horizontal stress) before excavation

Normal stress in x-direction

Normal stress in y-direction

Normal stress in 6-direction at a point before ex-
cavation; ©-direction is the direction of the
major. principal stress at a particular point
after excavation

Normal stress in (90+8)-direction at a point before
excavation; (90+6)-direction is the direction of
the minor principal stress at a particular point
after excavation

Major principal stress

Minor principal stress

Shear stress

Maximum shear stress

= Shear stress in x and y-directions

Shear stress in final principal stress directions
at a point before excavation; final principal
stress directions are the principal stress direc- .
tions at a particular point after excavation

Friction angle

Effective friction angle

Drained friction angle (obtained from drained tests)

Residual friction angle

=



